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PREFACE TO THIRD EDITION 


I T IS now more than ten years since the first edition of this book ap¬ 
peared. In this rapidly developing subject many changes are inevit¬ 
able in the interpretation and application of the fundamental laws 
governing the behaviour of engineering soils. The fundamental laws, 
however, remain and the book pursues its original aim—that of 
introducing young engineers and architects to an important aspect 
of their work. It does not pretend to be a comprehensive treatise, and 
some of the more esoteric theoretical studies, and some of the ‘practical’ 
field operations are given short treatment in order to prevent the 
volume swelling to an unattractive size and price. 

The authors wish to thank their many correspondents and critics 
for valuable constructive suggestions, and, in particular Dr. J. D. Geddes 
whose detailed help in the preparation of the new material is much 
appreciated. 


1959 - 


P. L. C. 
W. F. C. 
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THE MECHANICS OF 
ENGINEERING SOILS 




CHAPTER I 

DEFINITION AND SCOPE OF SOIL MECHANICS 


Although the term “Soil Mechanics” is of relatively recent origin, 
the subject itself is not new, but has merely developed at a very rapid 
rate in recent years. Engineers have long been familiar with the 
well-established theories of earth pressure, with the idea of the 
safe bearing capacity of a foundation, and with methods of estimating 
the safe load on a group of piles. All these represent branches of Soil 
Mechanics. 

Soil Mechanics may be defined as the application of the laws of 
mechanics and hydraulics to engineering problems relating to soils. 
The term “soil” is used here in its normal civil engineering sense, that 
is, to describe the sediments and deposits of solid particles produced 
by the disintegration of rock. 

The deposits whose behaviour is outlined in this volume are 
extremely variable in composition, and it was this discouraging 
heterogeneity which so long retarded the scientific study of sands, 
gravels and clays. Until a clear conception of the nature of these 
materials was developed in the form of principles and conclusions of 
wide application, no scientific study of the soil as a load-carrying 
structure was possible. Collection and correlation of data were slow, 
but the gradually increasing scale of man’s constructional activities 
forced him to apply to large works the experience he had gained on 
smaller constructions. This step was not always successful, and investi¬ 
gation of failures of retaining walls, foundations and embankments 
gradually led to the accumulation of sufficient data regarding the 
nature of the soil and its behaviour to allow of the growth of the 
science of Soil Mechanics. 

Such detailed collection of facts concerning the materials encountered 
in practical work was in direct contrast to established methods of study. 
In the eighteenth and nineteenth centuries mathematical investigation 
of the pressure exerted by an ideal dry granular material on retaining 
walls had led to the theories of Coulomb and Rankine. Apart from the 
teaching of personal experience, these theories with their variants 
represented for many decades the only assistance available to the 
engineer in dealing with soils. 

It is now well established that the various approaches to the study 
of soils and their behaviour must be concurrent and interrelated. 
There can be no true understanding of the behaviour of soils without 
a clear appreciation of the nature and variability of the materials 
themselves. The primary study, then, must be that of classification. 

19 
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DEFINITION AND SCOPE OF SOIL MECHANICS 


1.1 IDENTIFICATION AND CLASSIFICATION OF SOILS 

It was found that broad terms such as gravely sand^ silt or clay con¬ 
veyed to the minds of engineers varying conceptions of the nature oi 
the material in question. Classification by means of the predominant 
particle-size of the soil is therefore a fundamental step towards the 
elimination of ambiguities. The further recording of the grading or 
distribution of all particle-sizes throughout the sample gives an even 
sounder basis of classification. When the soil is of the clay type (having 
a large proportion of colloidal particles) its appearance and nature at 
varying moisture contents (e.g. Liquid and Plastic Limits) give further 
information by which it can be described and its probable behaviour 
predicted. 

Exact and adequate identification and classification can be made 
only if satisfactory samples of the soil are available for study. It was 
soon found that such samples should be as “undisturbed” as possible— 
a condition which led to a study of sampling technique. 

1.2 SITE INVESTIGATION AND SAMPLING 

Boring methods, types of tools for extraction of satisfactory samples, 
and the techniques used in the determination of properties of the soil 
in situ have all been subject to critical study and development. 

Having determined from samples obtained by the best methods the 
classification of the material under investigation, the next step is to 
ascertain their properties. 

1.3 ENGINEERING PROPERTIES OF SOILS 

These properties, such as Shear Strength, Moisture/Density Relation¬ 
ship, Permeability and Compressibility, may sometimes be quoted as 
secondary aspects of classification, but their significance lies rather in 
their influence on the behaviour of the soil under engineering con¬ 
ditions. From the results of such tests the probable behaviour of the 
soil when subjected to known loading conditions may be estimated. 

1.4 SOIL MECHANICS PROBLEMS 

Having studied the nature of the soil with which he must deal, the 
engineer turns to the problems which the science of Soil Mechanics is 
called upon to solve. These concern the soil in its natural state and 
position, or in the state imposed upon it by the engineer. The problems 
may be studied in two groups: 

Problems of Equilibrium or Stability and 

Problems of Elastic and Plastic D^ormation. 
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Problems of Stability 

Here we are concerned with the complete and sudden collapse of 
the resisting capacity of the soil. Failure of stability is accompanied by 
large and sudden movements. A retaining wall moves forward several 
inches; the footing of a heavily loaded column sinks into the ground, 
which heaves up around it; the sloping side of an embankment slumps 
in a characteristic slip surface. In attempting to prevent failure of 
stability the engineer must be able to answer three questions: 

What is the load imposed on the soil? 

What magnitude (and distribution) of stress is induced in the soil by this load? 

What resistance can the soil afford? 

The first two of these questions have been answerable for many 
decades. The answer to the first depends on the nature of the structure 
to be erected and the weight of the soil itself—both readily defined. 
The answer to the second depends on the mathematical analysis of 
stress within an ideal material. While it is recognised that stresses so 
determined may not agree closely with the stresses found in practice, 
thorough investigation of stability failures in recent years has done 
much to check the data obtained by the mathematician. The third 
question is answered more and more completely by the study of the 
nature and behaviour of soils in different parts of the world, both in 
the laboratory and on constructional work. The engineer can, even 
now, give in advance definite assurance of the stability of certain types 
of structure, and his range of action is continually widening as Soil 
Mechanics develops. 


Problems of Deformation 

Soils act both as elaistic and as plastic materials, and the changes in 
volume which they undergo in both these states when under load 
result in cumulative deformations of a magnitude large enough to be 
important to the engineer. Deformation problems often involve a study 
of moisture content and moisture movement in the soil, and much 
attention has been paid to this aspect. Now, for example, the con¬ 
solidation of clays—one of the most important effects of moisture 
movements—is sufficiently understood for both the magnitude and rate 
of settlement of engineering structures to be predicted if sufficient data 
are available. The nature of the deformation of soils also has an 
important effect on the distribution of pressure on footings and retaining 
walls, and such distribution in time affects the further settlements and 
movements of the engineering structure concerned. The point of appli¬ 
cation of the resultant pressure on a retaining wall is, for example, 
often more important than its magnitude. 
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1.5 ENGINEERING CLASSIFICATION OF PROBLEMS 

The engineer is concerned more with specific types of structure than 
with the classification of Soil Mechanics problems into the broad 
groups of Article 1.4. A classification more suitable for engineering 
purposes is therefore employed in succeeding chapters. There are four 
principal groups within which both the problems of stability and the 
problems of deformation will be studied. 

These groups are: 

(i) Earth pressure, including the stability of retaining walls and 
earth slopes. 

(ii) Foundations of structures. 

(iii) Subgrades of roads and runways. 

(iv) Drainage problems. 

1.6 LINK WITH LOCAL KNOWLEDGE AND EXPERIENCE 

The young and inexperienced engineer may, in his enthusiasm for 
the “scientific” work described in this book, fall into error. There is 
no suggestion that modern soil mechanics methods will inevitably super¬ 
sede all the older and more empirical procedures. Civil engineering 
is still more of an Art than a Science, and is likely to remain so, 
especially when the engineer deals with large-scale geological formations 
which are scarcely amenable to mathematical treatment. Modern 
methods of soil mechanics can give considerable assistance in the 
solution of problems of an unfamiliar scale, or in unfamiliar country, 
but local knowledge of soil conditions, amassed over the centuries, is 
of first importance, to be supplemented rather than displaced by the 
findings of soil mechanics. Further, the variability of soil over an area 
and the changing conditions in depth present a picture far removed 
from the “homogeneous, isotropic, elastic and semi-infinite mass” of 
the mathematician. In these circumstances again, care is required; the 
link with local knowledge must be strong; facile conclusions from a few 
tests may well be misleading unless they are interpreted in the light of 
experience. 



CHAPTER 2 

HISTORICAL SURVEY 

The properties and behaviour of soils have exercised the minds of 
builders from time immemorial. An early allusion to the erosion of 
foundations is found in the parable of the man who built his house 
upon the sand, with disastrous consequences! 

Very little attempt appears to have been made to deal with soil 
problems on a scientific basis until towards the end of the eighteenth 
century, when Coulomb published his theory of earth pressure and 
suggested his well-known law of the failure of soils. Rankine’s theory 
followed about a century later, and these two classical theories still 
form the basis underlying modern methods of estimating earth pressure. 

Even up to the first world war, most soil problems, other than earth 
pressure on retaining walls, were solved by empirical methods, usually 
based on inspection of the soil on the site, sometimes assisted by rather 
primitive loading tests. Scientific investigation of soils had been mainly 
confined to the geological, chemical and physical aspects in relation 
to agricultural requirements. During the last thirty years, however, 
much progress has been made in the scientific study of soils and in the 
development of systematic testing. The application of theory and 
experimental data to practical engineering design has also considerably 
developed. 

A conference on Soil Mechanics was held at Harvard University, 
Cambridge, Mass., in 1936, at which papers by engineers and scientists 
from all parts of the world were read and discussed. This conference 
did much to stimulate interest in the subject and may be regarded as 
a landmark in its development. A second International Conference, 
at which the progress of twelve years was reported, took place at 
Rotterdam in 1948, a third at Zurich and Lausanne in 1953, and a 
fourth in London in 1957. 

2.1 EARTH PRESSURE AND STABILITY OF SLOPES 

The classical theories of Coulomb and Rankine envisaged cohesion¬ 
less soil such as dry sand. Numerous alternative theories and graphical 
methods have since been devised, many of them merely adaptations 
of the original theories with some of the assumptions modified. A 
notable advance was made in 1914 by Bell, who took cohesion into 
account. If due attention is paid to the limits of their applicability. 
Coulomb’s, Rankine’s and Bell’s theories are still considered sound, 
and corrections are easily made when required to allow for deviations 
from the ideal assumptions. 
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About 1881 Mohr published his “Circle of Stress” method of stress 
analysis. This was used in a modified form by Rankine in his Civil 
Engineering (1885) to find the ratio of conjugate stresses. Mohr’s Circle 
is an extremely useful method for solving almost all problems on 
compound stress, and it is strange that its merits are not better known. 

Many investigators have carried out experiments with models to 
measure earth pressure and the forces on retaining walls. The work of 
Professor Jenkin at Oxford and later at the Building Research Station 
calls for particular attention and may be said to mark the beginning 
of the serious study of Soil Mechanics in Britain. 

In Coulomb’s and Rankine’s theories it was assumed that the surface 
of rupture of the soil is plane. While this is reasonably correct for 
cohesionless soil, it is well known that cohesive soils tend to slip along 
a curved surface. Swedish engineers began to study this about 19ii, 
and Petterson proposed the assumption of a circular arc as the trace 
of the surface of slip. On this assumption practical methods, both 
analytical and graphical, have been devised and many slip failures 
have been investigated. 


2.2 FOUNDATIONS 

Until the development of Soil Mechanics, little scientific data were 
available regarding the stability of foundations. Rankine’s theory for 
the minimum depth of foundations was of little practical value, for it 
was based on the assumption of a dry, granular soil. The designer of 
foundations had to rely very largely on experience gained from 
buildings in the same locality. When local experience was not available 
he depended upon loading tests. Such tests frequently gave misleading 
results because of the scale effect, and sometimes because of the 
existence of unsuspected weaker strata at some depth below the 
foundation. 

Study of the shearing resistance of soils and of the mechanism of 
failure when foundations are overloaded, together with the develop¬ 
ment of the technique of site investigation and testing, have led to 
more reliable methods of design. 

An important stage in the application of Soil Mechanics to founda¬ 
tion engineering was the publication by Terzaghi in 1925 of his theory 
of consolidation. This theory enables estimates to be made of the 
probable amount and rate of settlement of buildings founded upon 
clay soils. 


2.3 ROADS 

The principles of road construction were no doubt evolved from the 
primitive jungle track, where the natural soil was compacted by human 
feet. The Romans developed the idea of constructing pavements to 
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spread the load of their chariot wheels and so prevent them from 
sinking in the mud. 

Even as late as the seventeenth and eighteenth centuries it was the 
usual practice to design vehicles to suit the existing roads rather than 
to improve the roads. This led to the use of increasingly wider wheels 
to keep pace with heavier loadings. In more modern times Macadam 
is usually regarded as the pioneer of road construction methods. His 
invention of the type of road construction to which his name is applied 
anticipated the modern practice of stabilisation by the use of suitably 
graded material and by compaction at optimum moisture content. 
During the last century great advances have been made in the design 
and construction of pavements and road surfaces, but until recently 
little attention was paid to the underlying natural material. In present- 
day practice the principles of compaction and stabilisation are applied 
to both pavement and subgrade. The results of research work on soils 
and the improved mechanical equipment now available have enabled 
these processes to be carried out more extensively and in a more 
efficient manner. 

Research work on subgrade materials was started about 1920 by 
the U.S. Bureau of Public Roads (now known as the Public Roads 
Administration). The tests devised by the Swedish physicist Atterberg 
in 1911 (liquid limit, plastic limit, etc.) and other simple tests were 
correlated with the properties of natural soils in relation to road 
engineering. 

In England the Road Research Board was formed in 1933 under 
the Department of Scientific and Industrial Research. Work was 
carried out first at the Building Research Station for about four years, 
and since that time at the Road Research Laboratory. 

2.4 AIRFIELDS 

An engineering problem closely allied to road making is the con¬ 
struction of airfields. Here again the essential requirements include a 
level pavement with a good surface and of sufficient strength to carry 
the superimposed loads, and a subgrade suitably drained, compacted 
and stabilised to give adequate support to the pavement. 

In the early days of flying any naturally level piece of ground, reason¬ 
ably dry, with strong turf to act as a running surface, wais considered 
suitable for the taking off and landing of aircraft. As the size and 
weight of aircraft and the speed of their take-off and landing advanced, 
more and more preparatory work became necessary before a piece of 
land could be used as an airfield. Firstly, systems of land drainage 
were devised for the purpose of preserving the stability and bearing 
capacity of the soil in all weather conditions. Next agricultural pro¬ 
cesses were applied: the improvement of the topsoil by the importation 
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of suitable material and the application of fertilisers, the cultivation of 
the soil with ploughs, harrows and rollers, and the growing of special 
turf. With further increases in wheel-loads and speeds, the limits of the 
bearing capacity and wearing resistance of the grass runway were 
reached, and, since 1939, the paved runway has become a normal 
requirement. 

The large scale of airfield construction work has led to the develop¬ 
ment of mechanical equipment for earth moving, compaction and 
stabilisation, as well as for the construction of concrete and bituminous 
pavements. 

During the 1939-45 war much valuable experience was gained from 
the construction of airfields in various parts of the world. Shortage of 
labour, transport difficulties, the necessity for rapid completion, and 
often interference from the enemy, introduced many new problems. 
Much research work has been carried out at the Road Research 
Laboratory on the improvement of the subgrade, the design and con¬ 
struction of pavements, the efficiency of mechanical equipment, and 
the development of soil tests. An interesting feature is the use of mobile 
laboratories for carrying out the necessary soil tests on the site. Several 
of these were in use during the later stages of the war in Europe. 

2.5 TESTING OF SOILS 

Loading tests have long been used to determine the so-called bearing 
capacity of soils and the supporting power of piles. The measurement 
of the shearing strength of sand by means of the shear box appears to 
have been used in France by Leygue about 1885. This device has been 
developed and improved by Krey in Germany, by Terzaghi and 
Casagrande in America, and by Golder in this country, and its 
use has been extended to all kinds of soil. In its latest form it is 
still one of the standard types of apparatus used in soil mechanics 
laboratories. The triaxial compression test, however, gives a clearer 
representation of shear strength, and, with improvements in technique, 
is displacing the shear box as a testing procedure. 

In the early part of this century much progress was made in the 
application of chemical, biological and physical tests to soils. As the 
engineering aspect came more to the fore, investigators, particularly in 
the United States, devised tests on soils from which various properties 
known as soil constants were determined. Many of these constants 
bore no simple relation to the physical and mechanical properties 
which engineers encounter when dealing with solid materials. The 
difficulty of understanding the significance of such tests tended to make 
many engineers regard Soil Mechanics with disfavour. The modern 
tendency is, therefore, in favour of tests which measure definite engin¬ 
eering properties rather than constants whose significance may be 
somewhat obscure. 
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The civil engineer is more dependent on the numerical results of 
tests than were his predecessors. These tests often amplify and illu¬ 
minate the findings of experience or link new problems with those 
already solved. One of the outstanding difficulties encountered in the 
making of tests is that of extracting a sample of soil in such a way that 
it is truly representative of the material in question. The difficulty of 
doing this effectively has encouraged a trend towards testing in situ 
instead of in a laboratory. Properties such as shear strength, relative 
compaction, density, modulus of subgrade reaction and California 
bearing ratio are all evaluated on the site, and more developments in 
this direction may well be expected. 

2.6 THE PRESENT POSITION 

The Building Research Station at Garston, near Watford, and the 
Road Research Laboratory at Harmondsworth are the principal 
British centres of research on soil problems. The Soils Section of the 
former carries out investigations on Soil Mechanics in general and with 
special reference to earth pressure, stability of slopes and foundation 
problems. The Soils Section of the Road Research Laboratory deals 
with the applications of Soil Mechanics to the foundations of roads 
and airfields. 

Many of the engineering schools at universities and technical colleges 
now teach Soil Mechanics as a regular part of the civil engineering 
curriculum, and laboratories are being established both for instruction 
in routine tests and for research. Government departments, municipal 
authorities, civil engineering contractors and consulting engineers are 
equipping their own laboratories for the carrying out of routine tests 
and for the investigation of special problems. 

One of the leading authorities on the subject is Dr. Karl Terzaghi, 
whose fundamental theories and researches over many years have laid 
the foundation of present-day knowledge. His publications, and in 
particular his Theoretical Soil Mechanics have done much to disseminate 
information and to inspire interest and further development. 

In addition to organising international conferences, the Inter¬ 
national Society of Soil Mechanics and Foundation Engineering, 
through its branches in various countries, co-ordinates research and 
disseminates information. The British section produces a quarterly 
journal. Geotechnique, in which articles and papers on research and 
on the practical applications of soil mechanics are published. 
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Notation 

V velocity of particle (cm/sec) 

g acceleration due to gravity (cm/sec*) 
r radius of particle (cm) 

D diameter of particle (mm) 

Y, density of particle (g/cm*) 

Yi density of liquid (g/cm*) 

rj viscosity of liquid (g/cm-sec) 

h height through which particle falls (cm) 

t time (minutes) 

Wj) weight of solids per ml after settlement (g) 

W weight of solids per ml in original suspension (g) 

A cross-sectional area of vessel (cm*) 

Vg volume of hydrometer bulb (ml) 

Ao distance from centre of volume of bulb to lowest graduation (cm) 
hi distance from lowest graduation to individual graduations (cm) 
Cm meniscus correction to hydrometer reading 
Ml temperature correction to hydrometer reading 
Ci dispersing agent correction to hydrometer reading 
Gt specific gravity of particle 

Rg decimal part of hydrometer reading x looo 
R corrected hydrometer reading 


It has been pointed out in Chapter i that the classification of soils 
according to their distinctive properties is of great value to the engineer. 
As the properties of a soil are very largely determined by the pre¬ 
dominant size of particle and the grading of the various sizes, a stan¬ 
dard system of classification and nomenclature of particle-sizes is also 
essential. 

The following brief account of the geological origin and composition 
of soils will be helpful when considering methods of classification and 
identification. 


3.1 GEOLOGICAL ORIGINS 

The soils with which the civil engineer is concerned were originally 
produced by the disintegration of rocky portions of the earth’s crust. 
Some of the rocks so turned into soil were themselves made from soils 
by the deposition and consolidation of small particles, and some were 
formed from the molten state. After initial disintegration the products 
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of rock decay may be consolidated by pressure or dispersed and graded 
by the action of water. The final product is the clay, sand, marl, gravel 
or other soil which forms or supports the works of the civil engineer. 


Physical and Chemical Disintegration 

All the surface rocks of the earth’s crust are subject to the disruptive 
effects of frost, rain and temperature change, to the disturbing force of 
gravity and to the transporting power of wind, ice and water. The 
infinite variations of these forces, acting together or separately on the 
many varieties of rock, result in materials of vastly different properties 
and appearance. 

Igneous rocks when fully exposed are sensitive to the disruptive 
effects of temperature change, for their constituent minerals often have 
different coefficients of expansion. Alternations of heat and cold pro¬ 
duce the exfoliation or flaking of the outer surfaces of such rocks as 
granite. Increase in volume producing similar disintegration is caused 
by the formation of oxides and hydroxides, and the splitting effect of 
freezing water in cracks and joints is well known. 

On level rock surfaces the disintegrating effect of weathering may 
produce soils having no tendency to move elsewhere, especially if bound 
in place by vegetation. Such residual soils show a change in character 
from the solid rock below to the organic soil of the surface, but no 
minerals foreign to the parent rock are found. 

In mountainous, windswept or stream-washed areas there is con¬ 
siderable movement of the disintegrated particles. This erosive move¬ 
ment may deposit the material a long distance from its source of origin, 
may change its particles from angular to rounded shapes, and may sort 
and grade the various sizes. 

Another cause of disintegration is chemical action. Some rocks, such 
as limestone, are readily attacked by weak acids; carbonic and humic 
acids are present in rainwater. Sedimentary rocks of the sandstone 
type consist of inert particles of silica impervious to weathering, but 
cemented by material which is liable to be eroded or dissolved. 


Effect of Climatic Conditions 

Physical and chemical weathering and erosion have very different 
effects according to the prevailing climatic conditions. In arid desert 
country, for example, there is little or no chemical action, and salts are 
not washed away by rain or rivers, but are left as crystalline deposits in 
the sand. On the other hand, in tropical regions, where rainfall is heavy, 
there is a continuous and cumulative leaching out of soluble material, 
and the bedrock is often weathered to great depths. During such 
weathering the hydroxides of aluminium and iron are left behind and 
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the insoluble accumulation is known as laterite. It may reach depths of 
as much as thirty feet. 

Formation of Soils 

Of the various soil-forming agencies, water is probably the most 
productive. When streams and rivers enter a lake or the sea the load of 
sediment carried is deposited in graded sizes, the largest particles being 
deposited first and the smaller particles later, when the velocity of the 
water has sufficiently decreased. Thus on the geologically younger 
rivers, or on higher reaches, gravels and coarse sands are found, but 
on lower or older parts of the course, where the velocity is low, silts and 
clays predominate. In various parts of the world wide-spreading deltaic 
deposits occur, where, over centuries, the lighter materials have settled 
out in marine or estuarine conditions. 

Other agencies such as wind and ice have also formed and are form¬ 
ing soils. The Ice Age has left accumulated deposits of tilly which are 
gravel, sand and clay deposits, sometimes of great depth, and of con¬ 
siderable importance to the civil engineer. Wind-blown soils, although 
not covering such large areas as the glacial deposits, are sometimes 
encountered in civil engineering work. One of the most important 
deposits of this kind is loess. 

3.2 PRINCIPLES OF SOIL GLASSIFICATION 

Residual or transported soils, deposited in lake, river or sea, or 
formed by wind, ice and frost, present an infinite variety of particle- 
size gradings, ranging from boulders to colloidal particles. 

Main Glasses of Soils 

As a general basis of classification soils may be divided into three 
main classes: 

coarse-grained or non-cohesive soils; 
fine-grained or cohesive soils; 
organic soils, e.g. peat. 

Coarse-grained soils are composed of rock fragments varying in size 
from boulders down to gravel and sand. Quartz, because of its hard¬ 
ness, is the predominant mineral in the composition of many gravels 
and sands, particularly when the particles are well rounded. “Sharp’’ 
gravels and sands which have not undergone so much wear often con¬ 
tain, in addition, other minerals which enter into the composition of 
the parent rock. In fine sand deposits the particles are often more 
angular than in the coarser varieties, since the film of water between 
the fine grains tends to protect them against abrasion. 
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Fine-grained soils include the types generally known as silts and clays. 
Silt is the name given to a type of soil intermediate between fine sand 
and clay which exhibits distinctive properties. Its mineral composition 
is more variable than that of fine sand, since chemical as well as 
mechanical disintegration often enters into its formation. Clays are fine¬ 
grained soils which possess plasticity, especially when moist. In some 
clays this property is due to the presence of certain minerals such as 
kaolinite (hydrated silicate of alumina) and mica, which occur in the 
form of scale-like particles. Other types of clay derive their plasticity 
from the extreme fineness of their particles. From the geological aspect 
four distinct types of clay are found: 

(i) China clay and laterite^ formed by leaching action; 

(ii) Loess^ wind-borne dust of variable composition found in dry 
continental areas; 

(iii) Boulder clay^ glacier-transported material consisting largely of 
unweathered rock-flour, with larger rock fragments produced 
by glacial grinding; 

(iv) Sedimentary clays, the finer fractions of river-borne sediment 
which have been deposited and consolidated. 

From the point of view of their structure, clays may also be divided 
into two categories: fissured and intact clays. The former contain 
irregularly spaced fissures or cracks, easily seen when a lump is broken. 
In the natural state fissured clays are usually stiff and of high cohesive 
strength. The fissures are normally closed, but when opened slightly 
by excavation, change of loading or other causes, water enters the 
cracks, and softening and disintegration set in. Intact clays are, as the 
name implies, free from fissures and therefore more uniform in 
structure. 

Organic Soils. —The topsoil nearly always contains organic matter 
which occurs partly as partially decomposed vegetable matter and 
partly as humus, a dark amorphous material derived from the decom¬ 
position of plant and animal matter. This organic matter is of vital 
importance to the agriculturist, but usually of less consequence to the 
engineer, since the topsoil is generally removed when engineering 
works are constructed. Frequently, however, deposits of peat are en¬ 
countered in which the solid matter is nearly all organic. Such soils are 
extremely treacherous and troublesome from the engineering point of 
view. 


Characteristics of Coarse- and Fine-Grained Soils 

For the theoretical study of Soil Mechanics it is often convenient to 
consider the two primary types, sand and clay, as typical of the 
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coarse-grained and fine-grained classes. The main differences in their 
physical characteristics may be summarised as follows: 


Sand 

Void ratio low 

Negligible cohesion when clean 


Internal friction high 
Not plastic 

Only slightly compressible 
Compression takes place almost im¬ 
mediately on application of load 
Permeable to water 


Clay 

Void ratio high 

Marked cohesion, depending on water 
content 

Internal friction low 
Plastic 

Very compressible 

Compression takes place slowly over a 
long period 

Practically impermeable 


Field Identification of Soil Types 

Gravel, sand and sand-gravel mixtures are readily identified by 
inspection. The correct classification of soils containing fine-grained 
material, however, involves mechanical analysis and other quantita¬ 
tive tests, but qualitative indications are helpful as a means of identi¬ 
fication. 

Fine sand may have slight cohesion when damp, or in dry lumps, but 
such lumps are easily powdered between the fingers; the particles are 
visible and have a distinctly gritty feel. 

Silt is most readily identified by the “dilatancy” test: shake a pat of 
moist silt horizontally in the palm of the hand. Moisture will come to 
the surface, but can be made to recede by pressing the pat with the 
fingers. 

Clay does not exhibit the property of dilatancy; it is smooth and 
greasy to the touch, and sticks to the fingers when moist. 

Organic soils are distinguished by their coarse, fibrous texture and 
dark colour, and sometimes by the distinctive odour of decaying 
vegetation. This odour is often intensified by heating the soil. 


3.3. SYSTEMS OF CLASSIFICATION OF NATURAL SOILS 

Several systems of classification have been devised to suit the re¬ 
quirements of various types of engineering project. Three of the most 
important are described in this article. 

Broad Glassification of Soil Types 

This system is shown in Table i, which is reproduced by kind per¬ 
mission of the Director of the Building Research Station (Grown 
Copyright reserved).®® Soils are divided into the three main classes 
referred to in Art. 3.2, viz., coarse-grained, fine-grained and organic 
soils. These are further subdivided into gravels, sands, silts, clays and 
peats. Composite types of soil, which are natural mixtures of the 
primary types, are included in the table. The primary and composite 
types are in turn given descriptions according to their consistency and 
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TABLE 2 


Soil Classification: Gasaorande’s System 


Major Divisions, Soil Groups and Typical Names 

Group 

Symbols 

Visual and Physical 
Characteristics 

I. COARSE-GRAINED SOILS 

Well-graded gravel and gravel- 
sand mixtures; little or no fines 
Well-graded gravel-sand-clay mix- 
Gravel and tures; excellent binder 

gravelly Poorly-graded gravel and gravel- 

soils sand mixtures; little or no fines 

Gravel with excess of fines, very 
silty gravel; clayey gravel, poorly- 
graded gravel-sand-clay mixtures 

GW 

GG 

GP 

GF 

Large particles 
easily seen; 
majority of 
particles larger 
than i*jr in. 

Well-graded sands; little or no fines 
Well-graded sand-clay mixtures; 
Sands and excellent binder 

sandy Poorly-graded sands; little or no 

soils fines 

Sand with excess of fines; very silty 
sands, clayey sands, poorly-graded 
sand-clay mixtures 

SW 

SC 

SP 

SF 

Most of the 
particles can be 
seen without the 
aid of magnifier. 
Soils feel gritty 
to the fingers. 

2. FINE-GRAINED SOILS 

(containing little or no coarse-grained 
material) 

Fine-grained Silts (inorganic), very fine sands, 
soils having mo, rock flour, silty fine sands 
low plasticity Clayey silts (inorganic) 

Organic silts of low plasticity 

ML 

CL 

OL 

Not gritty to the 
fingers, but cannot 
be rolled into 
threads even when 
moist. LL<35%. 

Fine-grained Silty clays (inorganic) and sandy 
soils having clays 

medium Clays (inorganic) of medium 

plasticity plasticity 

Organic clays of medium plasticity 

MI 

Cl 

OI 

Can be rolled into 
threads when 
moist. Shrinkage 
cracks appear on 
drying. 

LL 35 - 50 %. 

Micaceous or diatomaccous fine 
Fine-grained sandy and silty soils; elastic silts 
soils having Clays (inorganic) of high plasticity; 
high fat clays 

plasticity Organic clays of high plasticity 

MH 

CH 

OH 

Greasy to the touch. 

Gan be rolled easily 
into threads when 
moist. Shrinks on 
drying. More than 
40% clay particles. 

LL>50%. 

3, FIBROUS ORGANIC SOILS 
(with very high compressibility) 

Peat and other highly organic 
swamp soils. 

Pt 

Dark and fibrous. 
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Structure. The table includes notes on the field identification of the 
various types. A classification table, similar in character to the above, 
but more detailed, is given in the Civil Engineering Code of Practice 
“Site Investigations.”*’ 

U.S. Engineers* Soil Glassification Scheme for Airfield 
Construction 

This comprehensive classification, devised by A, Casagrande’*, is 
based on the same main classes. It is intended primarily for the classi¬ 
fication of subgrades of roads and airfields. The complete classification 
is given in the Code of Practice “Site Investigations’* and an 



abridged summary is given in Table 2. The coarse-grained types are 
usually identifiable by inspection alone, but for cohesive soils the deter¬ 
mination of the liquid limit, plastic limit and plasticity index is neces¬ 
sary. 

The use of these consistency limits is shown in Fig. i. The group 
symbol in Casagrande’s system of classification (sec Table 2) is indi¬ 
cated by the point obtained by plotting the plasticity index of the soil 
against its liquid limit. Comparing soils at equal liquid limits, an 
increase in plasticity index indicates an increase in toughness and 
dry strength, but a decrease in permeability and rate of volume change. 

U.S* Public Roads Administration Classification 

This system was originally evolved by the U.S. Bureau of Public 
Roads for the classification of subgradcs for road construction. A 
revised form of this classification was published in 1942 and has been 
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TABLE 3 

Soil Classification: U.S. Public Roads Administration System 


Group 

Sub- 

Group 

Soil 

Properties 

Ai 

Aia 

Alb 

Well-graded mixture of 
gravel or sand, with or 
without good binder 

Coarse material, mainly stone 
or gravel 

Coarse material, mainly coarse 
sand 

High internal friction and 
cohesion, no detrimental 
shrinkage, expansion, capil¬ 
larity or elasticity. Highly 
stable under wheel loads 

Aa 

A2-4 

A2-5 

A2-b 

A2-7 

Coarse and fine materials, 
intermediate between gran¬ 
ular materials of Groups Ai 
and A3 and silt-clay mat¬ 
erials of Groups A4 to Ay 

] according to projjortions 
^ and properties of silt and 
clay fractions 

High internal friction and 
high cohesion only under 
certain conditions 

A 3 


Fine granular material; no 
binder 

High internal friction, no co¬ 
hesion, no detrimental capil¬ 
larity or elasticity. Does not 
frost-heave, shrink or ex¬ 
pand. Lacks stability under 
wheel loads, but furnishes 
excellent support when 
loads are distributed 

A4 


Silt soil without coarse ma¬ 
terial with no appreciable 
amount of clay 

Internal friction variable, co¬ 
hesion slight to moderate, 
no elasticity, capillarity im¬ 
portant. Liable to frost- 
heave followed by loss of 
stability during thaw 

As 


Similar to Group A4, but 
with highly elastic proper¬ 
ties, even when dry 

Quick deformations under 
load and rebound on re¬ 
moval of load. Proper com¬ 
paction difficult 

A6 


Clays with low compressi¬ 
bility 

Internal friction low, co¬ 
hesion high under low mois¬ 
ture content, no elasticity. 
Deformations occur slowly, 
and very little rebound on 
removal of load. Alternate 
wetting and drying in field 
causes considerable volume 
change 

Ay 

A7-5 

A7-6 

Similar to Group A6, but 
elastic at certain moisture 
contents 

Moderate plasticity 

High plasticity 

Deforms and rebounds 
quickly on application and 
removal of load. More detri¬ 
mental volume changes than 
Group A6 






CLASSIFICATION OF SOIL PARTICLES 


37 


adopted by the U.S. Highway Research Board for use with the Group 
Index method of pavement design. 

Soils are divided into seven groups numbered Ai to A7, each 
group having certain general characteristics. Some of the groups are 
subdivided to define certain intermediate types. The identification is 
dependent on mechanical analysis in conjunction with the liquid and 
plastic limits of the soil. The groups are arranged in order of their 
suitability as subgrade materials. 

A summary of the system is given in Table 3. A full description, with 
a specification for the particle-sizes and other data necessary for 
identification of the soil groups, is given in Soil Mechanics for Road 
Engineers (H.M.S.O.).^ 

3.4 CLASSIFICATION OF SOIL PARTICLES 

Natural soils are mixtures of particles of various sizes, but we have 
seen that the properties of a soil are to a very great extent determined 
by the predominant particle-size in its composition. The experimental 
determination of the particle-size distribution, known as mechanical 
analysis, is therefore an important factor in soil classification. Mechani¬ 
cal analysis is, however, insufficient to give all the information neces¬ 
sary for the detailed classification of a soil, and other simple tests are 
required, especially if the soil is of a fine-grained type. 

In view of the importance of particle-sizes it is necessary to have a 
system of nomenclature for the various grades or fractions comprising 
particles lying between certain specified size limits. 

A number of arbitrary systems have been suggested, differing mainly 
in the sizes specified as the limits of the constituent grades. Careful 
distinction must be made between the classification of particle-sizes 
and the classification of natural soils for engineering purposes as 
described in the preceding article. 

Unfortunately, terms such as silt and clay are used in two distinct 
senses: 

(i) as the designation of particles whose sizes fall between certain 
specified limits; and 

(ii) as descriptions of naturally occurring soils, which are mixtures 
of grains of different sizes, exhibiting certain definite character¬ 
istics associated with those names. 

It is preferable to use the terms silt sizes and clay sizes when the former 
meaning is intended. 

Particle-size Glassification 

The system which has been adopted by the British Standards 
Institution is one originally put forward by the Massachusetts Institute 
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of Technology and known as the M.I.T. system. Other widely used 
systems are the International, the Continental and that of the United 
States Public Roads Administration. These systems are shown in dia¬ 
grammatic form in Fig. 2. The term mo^ which appears only in the 
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Fig. 2,—Particle-size Classification. 


Continental system, is a Scandinavian word used to describe a range 
of particle-size intermediate between fine sand and silt. 

In a paper by Glossop and Skempton’ these and other systems of 
particle-size classification are discussed in relation to the physical 
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properties of the fractions. The authors conclude that the M.I.T. 
system is the best suited for engineering purposes, since the boun¬ 
daries of its main divisions correspond approximately to important 
changes in the soil properties. The M.I.T. system may now be said 
to be internationally accepted as the most suitable for general use. 
It has the advantage that the particle sizes defining the various cate¬ 
gories increase, at each stage, by a multiple of about three. Thus, 
logarithmic paper is not required, and ordinary graph paper may be 
used, the distance between 0*002 and 2 mm being divided into six 
equal parts. 

Triangular Diagram 

The composition of any soil expressed in terms of the three broad 
ranges of particle-size—sand, silt and clay sizes—can be shown dia- 
grammatically by plotting the percentages of these constituents from 
the sides of an equilateral triangle as axes. Thus in Fig. 3A points 
B and C indicate the composition of three soils for which grading 
curves are given in Fig. 6. 

The U.S. Public Roads Administration has published a system of 
nomenclature for soils in which various terms such as clay, clayey silt, 
sandy loam, etc., represent soils containing the three constituents 
within certain specified limits. Thus the limits for clay loam are: sand 
between twenty and fifty per cent, silt between twenty and fifty per 
cent, and clay between twenty and thirty per cent. These soil classes 
are represented by areas on the triangular chart as shown in Fig. 3B. 
It should be noted that the chart as shown is designed for use with 
the Public Roads Administration system of particle-size classification. 

3.5 MEASUREMENT OF PARTICLE-SIZE DISTRIBUTION 

Mechanical analysis is carried out in two stages: 

(i) the separation of the coarser fractions by sieving on a series 
of standard sieves; 

(ii) the determination of the proportions of the finer particles by 
a sedimentation process, generally known as wet analysis. 


Sieving 

A sample of soil which has been oven-dried at i05-iio®C is sifted 
successively through the British Standard sieves in., } in., f in., 
A in., Nos. 7, 25, 72 and 200, and the material retained on each is 
weighed. 

Nos. 7, 25, 72 and 200 B.S. sieves correspond respectively to 
particle-sizes of 2, o*6, 0*2 and 0*06 mm. All material which will not 
pa.ss No. 7 is therefore described as gravel, and the residues on the 
other three sieves are the quantities of coarse, medium and fine sand. 
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Wet Analysis 

The process known as wet analysis is based on Stokes’ Law, according 
to which fine particles from suspension in a liquid setde at different 
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Fig. 3.—Triangular Diagrams. 


rates according to their size, the coarser settling more quickly than the 
finer. Stokes’ Law is true for spherical particles only, and since the 
actual soil grains arc not spherical in shape it is usual to define 
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particle-size in terms of the effective diameter, that is the diameter of an 
imaginary sphere of the same material which would sink in water with 
the same velocity as the irregular particle in question. Particles less 
than about o*ooo2 mm effective diameter do not settle in accordance 
with Stokes’ Law, and the sedimentation method of mechanical 
analysis does not, therefore, yield any information about the proportion 
of particles smaller than this. 


Theory of Wet Analysis 


The velocity of a particle sinking in a still fluid is given by Stokes’ 
Law as 


v = 



rj 


If D is the diameter of the particle in millimetres, then Z)=20 r. 
Using G.G.S. units y,= G„ the specific gravity of the particle, and 
may be taken as unity for water. Hence the equation becomes 

2 G,-i 

v~- P -- - 

9 ^ 400 rj 
whence D== 4 / 

^ g(G-i) 


By taking t^=o*oi G.G.S. units (the value for water at 2o°G), and an 
average value of 2*65 for G„ the velocity is given approximately by 

&=go Z)* cm/sec 


TABLE 4 

Viscosity of Water 


Temperature 

Viscosity of Water 
(G.G.S. Units) 

°G 

op 

V 

Vt } 

8 

46-4 

0*013860 

0*118 

10 

500 

0013077 

0*114 

12 

53-6 

0*012363 

0*III 



0*011709 

0*108 

16 

60-8 

0*011111 

0*105 

18 

644 

0010559 

0*103 

20 

68-0 

0*010050 

0*100 

22 

71*6 

0*009579 

0*098 

24 

75*2 

0*009142 

0*096 

26 

78-8 i 

0*008737 

0*093 

28 

82*4 

0*008360 

0*091 

30 

86-0 

0*008007 

1 

0*090 

1 
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If the temperature differs from 20®C, corresponding values of may 
be obtained from Table 4. 

If / is the time in minutes taken for particles of size D to fall through 
h cm, 

h 


and 1 )=^ 


V, 




98i(G.-i)/ 


T =0-175 


V 


rjh 

{G^i ■ 


(0 


From the above it follows that for any specified particle-size D there 
is a corresponding velocity of settlement v and a corresponding time / 
which the particle takes to fall a given height L 


TABLE 5 

Sedimentation Times 
(for rj=u'Oi G.G.S. units; ^,= 2-65; h= 10 cm) 


D 

(mm) 

(min) 

o-o6 


0*02 

4*6 

0 ‘Oo6 

51-6 

0-002 

464 0 

0-001 

18560 


Consider the number of particles of only one size (diameter=Z)) 
uniformly dispersed through the liquid. Each particle settles at the 
same speed v. After a time t all the grains will have fallen through a 
height hy where h—vt. Between the surface and a depth h there will be 
no grains left, but below this depth the particles will be in the same 
concentration as at the beginning. 

A suspension of soil particles contains an assortment of grains of 
various sizes, and the distribution is assumed to be uniform at the 
beginning of the test. After time t all particles of diameter D and over 
will have settled through a depth h. At this depth, therefore, all the 
particles left in suspension will be of diameter less than Z), and these 
particles will be in the same concentration as at the commencement 
of the test. 

Thus the percentage of particles less than D is equal to 

Weight of solids per ml at depth h after time i 
Weight of solids per ml in original suspension 
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Procedure for Wet Analysis 

The method employed in wet analysis is to make up a suspension 
of the soil particles in water, and then to measure fV^,, the weight of 
solids per ml, at various time intervals after settlement commences. 
This can be done either by the pipette method or by the hydrometer 
method. Whichever method is employed, the sample is pretreated with 
an oxidising agent and an acid to remove organic matter and with 
a dispersing agent to prevent flocculation. 

The removal of organic matter is accomplished by pretreatment first 
with hydrogen peroxide and then with dilute hydrochloric acid. The 
percentage of organic matter in the soil is then calculated from the 
loss in dry weight of the pretreated sample. 

The dispersing agent specified in B.S. 1377 is sodium oxalate, but 
certain other chemicals, notably sodium hexametaphosphate, which 
is available commercially under the trade name of Calgon, have proved 
more effective. 

Pipette Method 

The pipette method is the standard procedure for wet analysis, 
although it is more tedious than the hydrometer method and requires 
very sensitive weighing apparatus. Samples of the suspension are drawn 
off, by means of a pipette, from a specified depth at definite time 
intervals after the commencement of sedimentation. The samples are 
usually 10 ml in volume and taken from a depth of 10 cm. 

The water is evaporated from each sample and the residual solid 
matter weighed to determine IK/;, the weight of solids per ml. The 
maximum particle-size in the sample is found from the depth of 
sampling /i and the time elapsed t from the commencement of sedi¬ 
mentation. This is effected by means of Equation (i), p. 42, or by 
Table 5. Equation (2) then gives the percentage of particles less than £>. 

Hydrometer Method 

In this method the specific gravity of the suspension is measured by 
means of a hydrometer at various time intervals after the commence¬ 
ment of settlement. The depth of the centre of volume of the hydro¬ 
meter bulb below the original surface of the liquid is assumed to be 
the level at which the specific gravity is measured. 

As the determination is always made in a vessel of small surface area, 
the insertion of the hydrometer causes the liquid to rise from its 
original level 0 to a temporary level T (Fig. 4). The hydrometer must 
therefore be calibrated for use in a vessel of known cross-sectional 
area A, 

Calibration of Hydrometer ,—The hydrometer is weighed, and since its 
specific gravity is approximately unity its volume F// in ml is very 
nearly equal to its weight in grammes. The error due to the non- 
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immersed part of the stem is negligible. The distance* from the 
centre of volume of the bulb to the lowest graduation mark is measured, 
and also the distances from this graduation to each of the major 
graduations on the stein. (If the bulb is not symmetrical the centre of 
volume should be taken at the centroid of the projected area.) If the 
cross-sectional area of the vessel is the rise in the surface is VhI^- 
For any hydrometer reading indicated by the level T (Fig. 4) the 
distance hi from the lowest graduation is already known. The liquid 
at the level of the centre of the bulb has risen ^ V^IA. Thus the 

effective depth of the bulb k is equal to /11+/10+ or 

A 


T\ 

O 


hi brackets being a constant for the given 

hydrometer. A calibration curve is plotted showing the values of h 
corresponding to any hydrometer reading. 

Calculation of Partide-sizes ,—The hydrometer shows the specific gravity 
of the suspension, which is the ratio of the 
weight of a given volume of the suspension 
to that of an equal volume of water. 

Thus the specific gravity of the suspension 

^ I water/ml + immersed wt of solids/ml 

wt of water /ml 


_ hO! 


* 


L 

j 



I 


lUG. 4 .—^Hydrometer. 


= I 4 -immersed wt of solids /ml 

(since the density of water is i g /ml) 

It is usual for convenience, when record¬ 
ing the hydrometer readings, to omit the one 
and move the decimal point three places to 
the right. For example, the graduation on 
the hydrometer marked i-oi2 is read as 12. 

Let Rii be the hydrometer reading ex¬ 
pressed in this way, and let R be the reading 
after applying the corrections mentioned 
below. 

Then the specific gravity of the suspension 


: I ^ 3 . = I 4 - immersed wt of solids /ml 
1000 


Therefore —— = 

1000 \ O, / 

) 

iooo\G, —1/ 


and IV/) 
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The particle-size D corresponding to the elapsed time t and effective 
depth h is obtained from Equation (i), p. 42, or from Table 5. The 
percentage of particles finer than D is then found from Equation 
(2), p. 42. These calculations can be expedited by the use of a 
nomogram.*® 

Corrections to Hydrometer Readings, —The corrections which must be 
made to the hydrometer readings are as 
follows: 

(i) Meniscus Correction {C^^, —As the suspen¬ 
sion is opaque the reading has to be taken at 
the top of the meniscus. The correction is 
the difference in reading between the top of ^ 
the meniscus and the level of the liquid. It is 
constant for a particular hydrometer and is 
easily measured when the instrument is placed 
in clear water. The correction is added. 

(ii) Temperature Correction (Alf) .—Hydro¬ 
meters are usually calibrated at 20°G (68®F), 
and if the suspension is not at this tempera¬ 
ture a correction is necessary for the change 
in density of the liquid. The correction is 
added if the temperature is above the stan¬ 
dard and subtracted if below. Readings may 
be taken from Fig. 5. 

(iii) Dispersing Agent Correction (Cj).—The 
addition of the dispersing agent raises the 
specific gravity of the liquid, and therefore 
the correction has to be subtracted. Its value 
is found by measuring the specific gravity of 
distilled water containing sodium oxalate at 
the same strength as used in the test and is 
o*ooo8x 1000=0*8 for the standard concen¬ 
tration. 

The corrected reading R is thus given by 

R=Rij-\-C,n H-Af; —Cd 
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Particle-size Distribution Curves 
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I he results of sieving and wet analysis are Correction. 

plotted as a grading curve as shown in Fig. 6, 

the abscissae representing particle-size to a logarithmic scale and the 
ordinates percentage by weight finer than the corresponding particle- 
size. 

The positions occupied by the curves on the chart indicate the types 
of material represented. Those curves which lie higher or further to 
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the left show gradings of relatively finer material, while those which 
are lower or towards the right indicate coarser material. 

The general slope of the curve is an indication of the grading or 
range of particle-sizes of which the soil is composed. From an engin¬ 
eering point of view, a well-graded mixture is one containing an assort- 
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ment of particles covering a wide range of sizes. Stich a soil usually 
has greater strength and stability than a poorly graded soil in which 
the grains are more uniform in size. 

Curve E is an example of a well-graded sand, suitable for concrete. 
Curve Z), being much steeper, is a poorly graded fine sand. .4 is a 
poorly graded coarse silt, while ^ is a sandy loam. C is a laterite clay, 
of which sixty per cent consists of clay-size particles. 

In describing the mechanical analysis of a coarse-grained soil two 
constants are frequently used: the effective size^ i.e. the maximum 
particle-size of the smallest ten per cent, and the uniformity coefficient, 
which is the ratio of the maximum size of the smallest sixty per cent 
to the effective size. 



CHAPTER 4 

SOIL MOISTURE 


Notation 

W weight 

V volume 

m moisture content 

e void ratio 

G, specific gravity ol soil particles 

y bulk density 

y^ dry density 

yxu density of water 

S specific gravity of liquid 

s degree of saturation 

a total pressure 

cr' intergranular or effective pressure 

u pore-water pressure 

dy Z depth below surface 

dy depth of water table below surface 
A cross-sectional area of soil 

k coefficient of permeability 

Vy velocity of percolation 

i hydraulic gradient 

t time interval 

q discharge in unit time 

Q. discharge in time t 

Horh head of water 

I length of sample in permeability test 

a cross-sectional area of standpipe in variable head pcrmcameter 
« base of Napierian logarithms 

Soil water can be considered in two phases. Below the water table 
all the pores in the soil are full of water. This ground water obeys the 
laws of hydraulics and shows a pressure which is greater than 
atmospheric. 

Above the water table any excess of water contained in the voids 
runs downwards as gravitational water through the pores to join the 
ground water below the water table, but some water, known as held water^ 
is maintained in place against the force of gravity by capillary attrac¬ 
tion and surface tension in the voids. The smaller the capillary channels 
above the water table, the more tightly is the water held and the higher 
it rises above the water table. A portion of the held water exists in the 
form of very thin films surrounding the individual grains of soil. 
Water in this form has properties differing from those of ordinary 
water, e.g. greater viscosity, greater surface tension and a higher 
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boiling point. On account of the latter, adsorbed water cannot be 
removed by air-drying at ordinary temperatures. The amount of 
adsorbed water present in soil is usually assumed to be the difference 
in weight of a sample when air-dried and that after oven-drying at 
i 05 ®C. 

This attraction exerted between the particles by the held water 
is known as soil suction, the pressure in the water or pore pressure being 
less than atmospheric. When the held water is in a state of equilibrium 
the suction exerted by the water between two particles is balanced by 
the pressure between the particles. The soil suction is therefore equal 
to the effective pressure (see p. 65) when equilibrium has been established. 
Held water has, of course, a marked effect on the cohesion of the soil. 
The greater the soil suction the greater the cohesion, and, as soil suc¬ 
tion increases with decrease in the size of voids and capillary channels, 
fine-grained soils have greater cohesion than coarse-grained. 

As a corollary to this discussion, the water table can be defined as the 
level in the soil where the pore pressure is atmospheric. 


4.1 MOISTURE CONTENT AND VOID RATIO 


The Moisture Content of a soil is the ratio, expressed as a percentage, 
of the weight of water to the weight of solid matter in a given volume. 


Let W =total weight of a volume V 
and W^,=weight of solids in that volume 


The moisture contcnt= 


weight of water 
weight of solids ^ 


Ws 


XIOO 


The symbol m will be used to denote the 
moisture content expressed as a ratio, i.e. 
W—W 

-777^™, but numerical values are usually 

Wj 

quoted as percentages. 

The Void Ratio, e, is the ratio of the 
volume of voids to the volume of solids. It 
is shown diagrammatically in Fig. 7. 

Porosity is the ratio of the volume of voids 
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Fig. <7,—Void Ratio. 


to the total volume, 


Determination of Moisture Content 

A small sample (about 30 g) of the soil is placed in a glass bottle or 
a cadmium-plated tin and weighed. The bottle (or tin) and contents 
4 
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are then placed in an oven maintained at I05®C and kept there for 
twenty-four hours. The container and contents are weighed again. 
The difference between the two weights gives the weight of moisture 
evaporated. 

An alternative method of determining moisture content is described 
in Art. 4.2. 

Relations between Moisture Content, Void Ratio 
and Volumetric Change 

If the soil is saturated, i.e. the voids completely filled with water, 
then 

_volume of water_ W— fV, ^s_ ^ 

^ volume of solids i ^ ^ 

where G, is the specific gravity of the solids. 

The relation between volumetric change 
and void ratio is of great importance in 
the study of the consolidation of clay. 

Let a quantity of soil of initial volume 
Fi be compressed to a volume F,. Since 
the volume of solids is practically un¬ 
changed, the volumetric change is due to 
the reduction in the volume of the voids, 
as shown in Fig, 8. 

Volumetric change= 

F —F 

whence ^,=^1-L *(i 

^ 1 

As an example, consider a sample of clay with an initial void ratio 
of I *193 subjected to a compressive load. After complete consolidation 
the thickness of the sample is reduced from 0*75 in. to 0*705 in. Estimate 
the final void ratio. 

Volumetric change=^ --- -^^=o*o6o 

0*750 

Therefore 1*193—o*o6 (i+ i'i93)= i*o6i 
4.2 DENSITY 

The Density of a soil is its weight per unit volume. It is dependent 
on the specific gravity of the soil particles, on the void ratio, and also 
on whether or not the voids are completely filled with water. Density 
is generally expressed in lb/ft*. 

The* Bulk Density, y, is the total weight (including contained water) 
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divided by the volume. This is the density normally used in earth 
pressure calculations. 

The Dry Densityy is the weight of solids divided by the total 
volume. 

In symbols, if W is the total weight of a volume F, and W the 
weight of solids, then 

W 

The terms Apparent Specific 
Gravity and Specific Mass Gravity 
are sometimes used to denote the 
ratio of the weight of a given 
volume of soil to that of the same 
volume of water. 


Measurement of Density 

Undisturbed Sample Method ,—For 
clay which is not too hard or 
stony the simplest method is to 
employ a cylindrical cutter 4 in. 
to 6 in. diameter and about 5 in. 
long. The tube is rammed into 
the soil, dug out, trimmed and 
weighed. The volume is deter¬ 
mined from the dimensions of the 
cutter (Fig. 9). 

Sand Bottle^^ Method. — This 
method is suitable for all types of 
soil. A hole is dug in the soil ap¬ 
proximately 4 in. deep and 4 in. 
diameter, and the excavated soil 
is weighed. The volume of the hole is then measured by allowing 
sand to run in from a metal container fitted with a conical head and 
pouring tap as shown in Fig. 10. The sand used should be perfectly 
dry and of uniform grain-size, say passing No. 14 B.S. sieve and 
retained on No. 25. The weight of sand which has flowed through 
the tap is that required to fill the hole and the conical spout; 
hence a correction must be made for the spout. This is obtained by 
placing the sand “bottle” on a flat surface and allowing the sand to fill 
the conical space. To convert weight of sand to volume the bulk 
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density of the sand has to be measured by comparing the weights of 
dry sand and of water required to fill a suitable container. 

Other Methods ,—In very impervious soil the volume of the excavation 
can be measured by filling up with oil from a graduated vessel. 

Water is sometimes used with a thin rubber bag, but this method is 
not very accurate because of the difficulty in making the bag fill the 
cavity completely. 

In some laboratory tests it is necessary to measure the density of 
small samples, and for this purpose the volume is best determined by 
the displacement of mercury. This method is used for the determination 
of the shrinkage limit. 


Measurement of 
Specific Gravity of 
Soil Particles 

The specific gravity (GJ 
of the soil particles is 
determined by means of 
a pycnometer, or volu¬ 
metric flask. A suitable 
capacity for the flask is 
50 ml. In the case of 
cohesionless material a 
known weight (about 
25 g) of oven-dried soil 
is poured through a fun¬ 
nel into the flask and 
distilled water is added. 
Cohesive soil should be 
mixed into a suspension, 
using a mechanical mixer 
in the same manner as 
for wet analysis, and 
some of this suspension poured into the pycnometer. In this case the 
dry weight Ws is determined afterwards by evaporating the contents 
of the pycnometer. It is important to remove all entrapped air before 
the test, and this can be done by boiling, or preferably by applying a 
vacuum by means of a jet pump. 

Let weight of solids (g) 

weight of pycnometer filled with water (g) 

weight of pycnometer filled with water and solids (g) 

Ws 

Ws’^W^-Wt 



Then G, 
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In order to eliminate errors due to variation with temperature of 
the volume of the flask and of the density of water, the pycnometer 
should be immersed in a constant temperature bath maintained at 
20®G for at least an hour before each weighing. Alternatively, a cali¬ 
bration curve can be plotted for the pycnometer from which the value 
of IVi corresponding to the temperature of the test can be read. Other 
liquids such as kerosene, alcohol and benzine are sometimes used in¬ 
stead of water. The specific gravity S of the liquid used at the tempera¬ 
ture of the test must be known, and the formula for then becomes 

When a fully equipped laboratory is not available a simplified, 
though less accurate, form of this test can be carried out by means of 
a pycnometer of the type illustrated in Fig. ii. It consists of a 2-lb 



fruit jar with a specially made brass conical top, held on by means of 
a screw ring and rubber washer. The procedure is similar to that of the 
laboratory test, but the sample should be about 400-500 g. The oven- 
dried sample is placed in the jar, which is then partially filled with 
water. The mixture is stirred carefully to expel the air trapped in the 
soil. The conical top is put on and the vessel is filled up with water and 
shaken to remove any further air, a finger being placed over the hole 
in the top. The pycnometer is then finally topped up and weighed. 
The density of the particles is calculated in the same way as in the 
previous test. 

The screw top and the jar should be marked to enable the top to be 
screwed down to the same position every time and so ensure the volume 
being constant. A flat glass plate may be used instead of the brass 
top if the upper rim of the pycnometer is ground flat. 

This form of pycnometer can also be used for the rapid determina- 
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tion of moisture content. The specific gravity of the soil particles 
must be found first as explained above. The pycnometer is weighed 
full of water (W^i). A sample of moist soil about 400-500 g is weighed 
( W) and placed in the jar, which should be about half full of water. 
The mixture is stirred and water is added to fill the pycnometer, which 
is shaken up and finally topped up as before. The moisture content is 
calculated as follows: 

Let IVf be the weight of the pycnometer-f soil 4-water. 


IV^ — lVi—wt of solids {W^) — wt of equal vol of water 



Therefore 

O, —I 


Moisture content^ 


wt of wet soil—wt of dry soil 
wt of dry soil 


W-W, 

w, 


_ 




Relation between Density and Void Ratio 


If Cj= specific gravity of solid particles, the weight of solids per unit 
volume=G,y„, and the weight of water per unit volume if the soil is 
saturated=y,^fi (Fig. 7). 


Therefore dry density y^— 


^sYw 
I -\-e 


and bulk density y=j-fy^~y,^i +m) 

If the soil is only partly saturated, and s denotes the degree of 
saturation, the weight of the water is se and the bulk density is 

Gj-\-S€ 

i+e 

If the soil is submerged and therefore under hydrostatic pressure, 
the weight is reduced by the weight of water displaced, and the 
submerged density is therefore 

y-y.. or 
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Example i.—A sample of saturated clay weighs 10*05 g, and its 
moisture content is 32*3 per cent. Find the void ratio and the bulk and 
dry densities (specific gravity of soil particles=2* 71). 

Void ratio: ^=mG,=o*323 X 2*71=0*875 
Dry density: = Ib/ft* 

Bulk density: y^{i +w)=90*2(i +0*323)= 119*3 lb/ft® 

The submerged density would be 119*3—62*4, or approximately 
57 lb/ft®. Alternatively, the submerged density can be found from 


Os^ I 


1-71 x 62-4_ 
I+0-875 ~ 


57 lb/ft 


8 


Example 2.—The bulk density of a sample of clay is 122 lb/ft®, its 
moisture content is 25*3 per cent and the specific gravity of the 
particles is 2*7. Find the degree of saturation. 

This problem is conveniently worked in tabular form: 



Relative 

Weights 

Volumes 


weights 

(lb/ft®) 

(ft«) 

Air 

0*000 

00 

(by difference) 0-028 

Water 

0*253 

24*6 

24-6/62-4 =0-394 

Solids 

1*000 

97-4 

97-4/(2-7 x 62-4)= o -578 


1-253 

122*0 

1*000 


The weights per cubic foot are obtained by dividing 122 in the 
proportion of 0*253 i*ooo. 

In the last column the volume of air (by difference) is 0*028 ft®, 
and the relative saturation is 


0-394 

0*394+ 0*028 


o* 304 

o 422 or 93 per cent. 


Bulking of Sand 

This term is used to describe the well-known increase in volume 
which takes place when water is added to dry sand. A water content 
of six to eight per cent often causes as much as twenty-five per cent 
increase in volume. By adding more water, however, the volume 
begins to decrease. 

The phenomenon may be explained thus. Small quantities of water 
added to the sand are subjected to capillary forces which tend to hold 
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thin films of water around each grain and to separate the grains which 
were previously in contact. The bulk volume of the sand is therefore 
increased. After the maximum volume is reached, further addition of 
water gradually drives out the entrapped air, and as the pores become 
flooded the capillary forces are released and the grains are able to 
rearrange themselves into a more compact mass. 

4.3 LIMITS OF CONSISTENCY 

In Chapter 3 it is shown that fine-grained soils have been formed 
in nature by the gradual deposit of solid particles from suspension in 

water. In the process of 
settlement, consolidation and 
drying out the material passes 
through several well-defined 
stages; 

suspension in liquid; 
viscous liquid; 
plastic solid; 
semi-plastic solid; 
solid. 

These stages are shown 
diagrammatically in Fig. 12. 
The changes from one stage 
to another are accompanied 
by important changes in 
physical properties. 

The moisture contents at 
which the soil passes from 
>vA7-£/2 CON re NT % one stage to the next are 

Fig. 12. —Consistency Limits. known as Consisteru^ Limits, 

The significance of these 
limits was first demonstrated by Atterberg, a Swedish soil scientist, who 
devised simple tests for finding them. From these the present standard 
tests, which are described in the succeeding paragraphs, have been 
evolved. 

The Liquid Limit (LL) is the minimum moisture content at which 
the soil will flow under its own weight. As obtained from the standard 
test it is defined as the moisture content at which twenty-five taps 
in the liquid limit device will just close a groove in a sample of soil. 

The Plastic Limit (PL) is defined as the minimum moisture content 
at which the soil can be rolled into a thread 0*125 in. diameter with¬ 
out brealung. 

The Shrinkage Limit (SL) is the moisture content at which further 
loss of moisture does not cause a decrease in the volume of the soil. 
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These consistency limits are expressed ai percentage moisture content 
reckoned on the dry weight. 

A measure of the range of moisture content over which a soil is 
plastic is the Plasticity Index (PI), which is the differ«ince between the 
liquid and plastic limits. 

Cohesionless soils have no plastic stage, and the liquid and plastic 
limits may be said to coincide, that is, the plasticity index is zero. 

Except at the surface, natural clay deposits have a moisture content 
between the liquid and plastic limits. The term Liquidity Index is used 
to denote the ratio of the excess of the natural moisture content above 
the plastic limit to the plasticity index. In symbols 


Liquidity Index= 


loom—PL 
LL^L 


The Shrinkage Ratio (SR) is the rate of decrease per unit volume 
with decrease in moisture content. The volume is expressed as a 
percentage of the dry volume and the moisture content as a 
percentage of the dry weight. It is therefore equal to the slope of 
the line representing the relationship between volume and moisture 
content. 


Let V = volume of wet soil cake 
V, = volume of dry soil cake 
W = weight of wet soil cake 
weight of dry soil cake 


F-F, 


X loo 


Then SR= 

Volume of water lost= F— F^= 
Therefore 


loom—SL 

loom—SL 
100 

F-F, W, 


loom—SL looy^, 


Ws 


and SR= 


Ky. 


The shrinkage ratio is therefore the same as the apparent specific 
gravity of the dried lump of soil, and its bulk density in this condition 
is SRxy^,. 

Some examples of the values of the consistency limits for different 
types of soil are given in Fig. 13. As the predominant particle-size 
decreases, both the liquid and the plastic limits increase, the former at 
the greater rate. It may thus be said that, in general, the plasticity 
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index increases as identification passes from silts to the finer-grained 
clays. Mechanical analysis does not indicate the varying properties of 
soils within the clay range. For such soils the plasticity index serves as 
an additional means of identification. 



Fig. 13.—Liquid and Plastic Limits for Various Soils. 


Determination of Liquid Limit 

The liquid limit device, designed by Casagrande, is shown in Fig. 14. 
A cake of wet soil is placed in the circular brass dish, and a groove 
cut in it with the grooving tool. By means of a handle rotating a cam 
the dish is raised to a height of i cm and then falls freely on to a 
hard block of rubber. The soil is said to be at the liquid limit when 
twenty-five blows are required to close the gap. It is essential that a 
new liquid limit apparatus should be calibrated against a standard 
machine, as the hardness of the block is a critical factor. 

The method of procedure is to mix a sample of dried and powdered 
soil with water to a stiff consistency. The cam is rotated at the rate of 
about two blows per second until the groove closes over a length of 
about 0*5 in., and the number of blows to effect this is recorded. A 
small portion of the soil from the dish is then put into a container for 
moisture content determination. The test is repeated after successive 
additions of water. The results of the tests are recorded as a “flow 
curve” (Fig. 15), in which the moisture content values are plotted to 
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a natural scale against the number of blows to a logarithmic scale. 
A straight line results, from which the moisture content for twenty- 



Front e/evo^fon SQctiona/ tIevoCion 



Meta! g roovin g tool 


Fig. 14.—Liquid Limit Device. 

five blows is obtained by interpolation. It is desirable to obtain two 
or three experimental points on each side of the liquid limit. 

Determination of Plastic Limit 

A sample of approximately the size of a o*5-in. cube is taken and 
rolled with the palm of the hand on a glass plate into a thread 
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of about 0*125 diameter. It is 
folded and rolled repeatedly until 
the 0*125 i*^* thread begins to 
crumble. The moisture content of 
the crumbled sample is then de¬ 
termined, and this is the plastic limiL 


Determination of Shrinkage 
Limit 

A sample of dried soil of about 
70 g weight is mixed with distilled 
water until it becomes plastic. It 
is then moulded into a small prism 
or cylinder. This is weighed and its volume measured by displace¬ 
ment of mercury. The sample is allowed to dry out in air, and its 
weight and corresponding volume 
are determined for a series of 
decreasing moisture contents. The i* 
final measurements are taken after 3 
drying out to constant weight at ^ 

I05®C. The results are plotted as 
shown in Fig. 16, with volume per ^ 

100 g as ordinates and percentage ^ 
moisture content as abscissae. As ^ 
long as the soil remains saturated ^ 
the decrease in volume is equal to 
the loss of water, and the points ^ 
lie on a straight line inclined at 4, 

45® to the axes. The intersection | 
of this line with a horizontal line o 
through the point of minimum 
volume gives the shrinkage limit. In ' 

British soils the shrinkage limit is 
usually between twelve and four¬ 
teen per cent, and this test is not an 
important one. With some foreign soils, however, much greater 
variation is found, and the shrinkage limit is useful as an aid to 
classification. 



Fig. 16.—Shrinkage Limit, 



Fig. 15.—Flow Curve. 


4.4 


NEUTRAL AND EFFECTIVE PRESSURES 


Below the ground water level the soil is subjected to hydrostatic 
uplift. The total pressure or on a horizontal area due to the weight of 
material above it is supported partly by the intergranular pressure or' 
and partly by the hydrostatic pressure m. It is the former which is 
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effective in causing settlement of the soil and in mobilising the shearing 
resistance, and for this reason is known as the effective pressure. The 
hydrostatic pressure, which affects, directly, neither the compressibility 


Crou^^d Sur'/acS 


Dry Sanct . 



'ilCrcurid W ater Leve/ 


Satoratect 

So , r \ ci : 


Hydrostat'/c 

Pressure 


\Ccl-d) 


(<=') 



ground Surface 


Qroor\c/ J^/ater Lt^tl 



Sj 673 \^Totai Pressure 

\ iP^ective Pressure, 

r\ 




Fig. 17.—Effective Pressure. 

nor the shear strength, is termed the neutral pressure or pore-water pressure. 
The fundamental equation is, therefore, 

a=a'+M 


Effective Pressure under Static Equilibrium Conditions 

Referring to Fig. 17A, the total pressure at depth d equals the ^ 
weight of a column of dry sand of height plus that of a column of 
saturated sand of height d—di. This pressure is given by 

where yj and y are respectively the dry and bulk densities of the sand. 
The effective pressure at depth d is therefore given by 

a'=a -u=yjd^-\-y{d-d^) -yjd--d^) 

^yddi— {y—yw) {d—d^) 
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In fine-grained soils the soil above the water table is often saturated 
by capillary moisture. This moisture affects the weight of the material 
but does not increase the neutral pressure at levels below the water 
tabic. Above the water table the capillary water is held in the pores 
by adsorption and surface tension. The resulting suction tends to 
draw the particles of soil together and thus increase the intergranular 
pressure. 

The following examples illustrate the method of calculating the 
effective pressure: 

(i) A stratum of sand 8 ft thick overlies a stratum of saturated clay, 
as shown in Fig. 17B. The ground water level is 3 ft below the surface. 
Assuming no capillary moisture above this level, calculate the effective 
pressure at depths of 3, 8 and 18 ft below the ground surface. For 
the sand, Gf=2*65, ^=0*5; and for the clay, G^=2*7o, ^=0-9. 


Density of dry sand= 4 _ j lb/ft® 

^ ^ i-\-e 1 4-0*5 ^ 

Density of wet sand=^^^^y„,= ^^ Ib/ft® 

^ 14 -^'^ 14 - 0*5 ' 

Density of wet clay=—^^}V= 4 _ j jg lb/ft* 

^ 14 - 0*9 ‘ 

Neutral or hydrostatic pressure at 5=62*4X5=312 lb/ft* and that 
at C=62*4X 15=936 lb/ft* 

Effective pressure at - 4=3 X 110=330 lb/ft* 

Effective pressure at 5=3 X 1104-5 X 131 — 312 
=9^5-312=673 lb/ft* 

Effective pressure at C=3 X 1104-5 X 131 4-iox 118 —936 
= 2165 —936= 1229 lb /ft * 

(ii) In the above problem find the effective pressures if the sand is 
very fine and the top 3 ft is saturated by capillary water. 

The density of the sand is 131 lb/ft* throughout, and the total 
pressures below 3 ft depth are therefore increased by 3(131—110), or 
63 lb/ft*. The neutral pressure is unaltered, since the capillary moisture 
is held in place by surface tension and does not add to the hydrostatic 
pressure. The effective pressures at all depths below 3 ft are therefore 
increased by 63 lb/ft*. 
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Pore-water Pressure 

There are two important conditions under which the pore pressure 
may differ considerably from the static equilibrium value. 

(i) Steady seepage —The pore pressure under such conditions can be 
determined from the appropriate flow net (see Art. 13.2). 

(ii) Alteration in soil loading —An example of this is the construction 
of a building which applies pressure to the soil mass, tending to cause 
volume change. Unless the pore water can escape rapidly, pressure 
will temporarily be set up. This condition is dealt with in Chapter 5. 
Similarly, reduction of the load on a soil mass causes changes in pore 
pressure which may have a marked effect upon the stability of the 
mass. Examples of this release of load are the rapid drawdown of 
water impounded by an earth dam and the removal of material by 
excavation. 

Pore-Pressure Parameters®^ 

In problems relating to the stability of earth dams and other large 
masses of soil it has been found useful to express the relation between 
the change in pore pressure and the changes in the principal stresses 
by the use of two constants, A and known as pore-pressure parameters. 
These parameters can be measured experimentally in the triaxial 
test (p. 116). 

Consider first a sample of soil subjected to an all-round pressure a. 
If this pressure is increased by an amount Aa and drainage is prevented, 
there will, in general, be an increase of pore pressure Au. The ratio 
AujAo, denoted by depends on the compressibility of the soil struc¬ 
ture as a whole, relative to that of the fluid contained in the voids. 
In saturated soil the voids are filled with water which is relatively 
incompressible and therefore B—i, In perfectly dry soil the air is 
highly compressible and B is zero. For partially saturated soils B has 
some value intermediate between o and i. 

Now consider an increment of pressure Ao in one direction only. 
If the soil structure is regarded as an elastic solid the volumetric 
strain produced by a pressure increment, in one direction only, is 
one-third of that due to an all-round increment of pressure of the same 
magnitude. Hence the theoretical increase of pore pressure Au^\BAa, 
As the stress/strain characteristics of the soil skeleton are not linear 
the factor J must be replaced by a coefficient A which can be deter¬ 
mined experimentally. This coefficient varies considerably with the 
type of soil from -f i or even more, for normally consolidated clays of 
high plasticity, to —0*5 for over-consolidated clays. 

If an element of soil is originally in equilibrium under an all-round 
horizontal pressure and a vertical pressure cTi, and due to external 
loading these principal stresses are increased by Aa^ and Aa^ respec¬ 
tively, the stress changes may be considered as taking place in two 
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stages, namely, an equal all-round increment Zlug and a deviator stress 
[Aoi —zlcTg) in the direction ofo'i. The resultant change in pore pressure 
is thus the combination of these two stages and may be expressed as 
Au—B[Aa^ -{-A (Ao^ — Aa^) ] 

4.5 EQUILIBRIUM MOISTURE DISTRIBUTION 

It has been shown that below the water table the pore-water 
pressure is greater than atmospheric by an amount equivalent to the 
hydrostatic head, represented by the depth of the point in question 
below the water table. Similarly, the pore-water pressure at a point 
above the water table is less than atmospheric by the head correspond¬ 
ing to the height of the point above that level. The pore-water pressure 
can thus be considered as a continuous linear function of the distance 
above or below the water table. 

Soil Suction 

Soil suction may be defined as the negative pressure by which water 
is retained in the pores of a sample of soil, when the sample is free from 
external stress. For any 
particular soil there is a 
suction pressure corres¬ 
ponding to each value 
of the moisture content.*^' 

Its magnitude is not 
unique, but depends on 
whether the soil is be¬ 
coming wetter or drier. 

The soil suction becomes 
small as the moisture con¬ 
tent increases, but as the 
sample dries out its value 
may reach the order of 
several thousands of 
pounds per square inch. 

Soil suction is generally 
measured by the negative 
pressure in grams per 
square centimetre, which, 
of course, is the height in 
centimetres to which a 
column of water could 
be drawn by the suction. As this height may be very large it is usual to 
work with the common logarithm of the pressure (or of the height). 



Fig. 18. —Suction/Moisture Content 
Relation. 
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which is known as the pF value. For example a pF value of 3 represents 
a soil suction of 1000 g/cm® or a suction head of 1000 cm of water. 
Fig. 18 shows the type of curve which can be expected in clay, indicat¬ 
ing the relationship between soil suction and moisture content. 

The relationship between the soil suction p and the pore-water 
pressure u is given by the equation 

p^aa—u 

where a is the total normal pressure and a is the fraction of this pressure 
which is effective in changing the suction. 

For incompressible soils such as compact sand, or for permeable 
rock with a rigid structure such as chalk, a is zero, since any applied 
pressure is resisted by the solid structure and not by the pore water. 
Under such conditions p= —m. For saturated clays a=i, since the 
applied pressure is taken by the water. Hence p=a —w, that is, the soil 
suction is equal to the effective pressure, a'. For soils of low compressi¬ 
bility a has a value intermediate between o and i. For example, a may 
be about 0-5 for a silty clay and 0*15 for a sandy clay. 

Equilibrium Moisture Content 

If prescribed conditions of pressure and drainage are applied to a 
soil (especially a cohesive soil) the mass will attain, in time, a moisture 
content profile which remains constant under the specified external 
conditions, and is thus called a condition of equilibrium moisture content 
So long as the soil remains saturated, any change in the applied 
conditions, resulting in the addition or removal of water, causes a 
change of volume of the soil equal to the volume of moisture added or 
subtracted (see Fig. 12). 

It is important to be able to evaluate the equilibrium moisture 
content at levels below the surface for different states of surface 
loading and for different levels of the water table. A road slab, for 
example, laid on a clay subgrade in dry weather may subsequently be 
raised by the expansion of the clay as it reaches the equilibrium 
moisture content. In a saturated soil the moisture content reached 
under equilibrium conditions is proportional to the void ratio, and 
this depends on the intergranular pressure. The intergranular pressure, 
in turn, is related to the positive or negative pressure in the pore-water 
which fills the voids. The determination of equilibrium moisture 
content can be started from either end of the chain of inter-related 
quantities. It can be determined from the relationship between soil 
suction and moisture content, or from that between intergranular 
pressure and void ratio. 

Equilibrium Moisture Content from Soil Smtion. —The intergranular or 
effective pressure, o', is the algebraic difference between the total 
pressure applied by the superincumbent load and the pressure in the 
5 
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pore-water. The latter is controlled by the position of the point in 
question in relation to the water table. Under equilibrium conditions 
the effective pressure at any depth is the same as the suction pressure 
corresponding to the moisture content at that point. 

Effects of variation in Height of Water Table and of Superimposed Load ,— 
If the water table is at a depth d below the surface the effective pressure 
at depth ^ is 

<y'^yz—yjz~d) = {y—yf)z ^-y^d 

If -e is greater than d the effective pressure a is less than the pressure 
due to the bulk density because of the uplift exerted by the gravita¬ 
tional water. W z is less than d the effective pressure is greater than the 
pressure due to the bulk density alone by an amount equal to the 
negative pore pressure. The effect, therefore, of lowering the water 
table to a depth d below the surface is to increase the soil suction at 
all depths by a constant amount y^^d. 


TABLE 6 

Equilibrium Moisture Distribution from Suction Pressure 



li/ approximation 



Soil 





Depth 

Effective 

Suction 



Moisture 

Submerged 


Pressure 

Pressure 

pF 

Content 

Density 

(ft) 

o' 

P 

(log/') 

m 

{y-yw) 


(ib/ft») 

(b) xo*49 




(ib/ft>) 



(g/cm*) 





(a) 

(bi 

(c) 

(d) 

(e) 

(f) 

o 

312 

153 

2 

•18 

0-15 

76 

2 

432 

212 

2-33 

0-14 

77 

4 

552 

270 

2-43 

013 

79 

6 

672 

329 

2-52 

O'1 2 

80 

8 

792 

388 

2*59 

oil 

82 

10 

912 

447 

2 65 

O'lO 

84 

20 

1512 

740 

2-87 

0'o8 

87 


2nd approximation 

Depth 

Effective 

Soil 




Moisture 

Z 

Pressure 

Suction 



pF 

Content 

(ft) 

(ib/ft») 

(g/cm») 



m 

(a) 

(g) 

(10 



(0 

(j) 

o 

312 

153 


218 

015 

2 

466 

228 


236 

0-13 

4 

628 

308 


2*49 

0'12 

6 1 

792 

388 


2-59 

011 

8 

968 

475 


2-68 

O'lO 

10 

1152 

565 


2*75 

0*09 

20 

2052 

1000 


3-00 

0*07 
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A superimposed load exerts its effect in one of two ways. If the area 
of contact between the load and the surface is small, then the compres¬ 
sive stress decreases with increase of depth (see Ch. 9). If, however, the 
surface covered by the load is large in comparison with the depths under 
consideration, as is usual for the dead loads of road and runway pave¬ 
ments, the pressure exerted by the superimposed load can be considered 
constant and uniform at any given depth. 

Procedure in Calculation ,—It is required to find the equilibrium moisture 
distribution in a soil whose suction/moisture content relation is as 
shown in Fig. 18. The water table is 5 ft below the ground surface and 
there is no superload. It is convenient, as a first approximation, to 
assume a constant figure for the bulk density, though this in fact varies 
with the moisture content. If the bulk density y is assumed to be 
120 Ib/ft^ then y—y^ is 57*6 Ib/ft^. Let us use 60 Ib/ft^ as a simple 
number to manipulate: 

(t'==6o^ 4-5x62*4=60^+312 

From this expression we derive column (b) of Table 6. Under con¬ 
ditions of equilibrium the effective pressure is also the suction pressure, 
a conversion being made from column (b) to column (c) by multiplying 
by 0*49 (Ib/ft^ to g/cm^). The logarithms of the values in column (c) 
give the pF values and Fig. 18 leads to the values of moisture content 
in column (e). This is a first approximation, for in determining the 
effective pressures in column (b) no account was taken of change in 
moisture content. 

Contcrtf % 



Fig. 19.—Equilibrium Moisture Content from Soil Suction. 
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For the second approximation to a' we use the varying values of 
shown in column (e). It has been shown (p. 54) that 


y—yu-= 






For saturated soil e—mG^ 
therefore r~r.- 



This is now a varying quantity, and, taking Gj=2-7 

r Qr— I 


106 ^ 


I 4-2-7m 


+312 Ib/ft^ 
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This gives column (g); the figures in the remaining columns are 
derived as before (Fig. 19). 

Equilibrium Moisture Content from Void Ratio ,—The second method of 
determining equilibrium moisture distribution depends on the pressure / 
void ratio relationship for the soil, as obtained from the consolidation 
test (see Art. 5.2). As an example of this method let us suppose that 
the equilibrium moisture distribution curve is required for the sub¬ 
grade of a runway on which a wide pavement weighing 180 Ib/ft^ 
is to be laid. The subgrade consists of saturated clay for which Gs=2*yo, 
The pressure/void ratio curve for this soil is given in Fig. 20. 

Three possible conditions will be considered: 

(i) water table at surface and no superload; 

(ii) water table at surface and superload applied; 

(hi) water table 2 ft below surface and superload acting. 





Fig. 21—Equilibrium Moisture Content from Void Ratio. 


The values of the effective pressures (in Ib/ft^) for the above three 
conditions are: 

(i) CT'==(y— 

(ii) a'=(y—yJ^ + 180; 

(iii) yJ^+2y„^-I8o. 

Consider first condition (i)—water table at surface, no superload 
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As a first approximation the bulk density is assumed constant with 
depth, say 120 lb/ft*. The effective pressure at depth z is therefore 
given by (t'=(i 20—62-4)-e=57-6-c lb/ft*=o*0257^ ton/ft*. The figures 
in column (b), Table 7 are obtained in this way. The corresponding 
values of the void ratio e are read off from Fig. 20, and the moisture 
contents are then calculated from e—mGs* These values are plotted in 
Fig. 21 as curve i. 

A closer estimation could now be made of the submerged density 
at various depths and a second approximation made to the equilibrium 
moisture distribution curve. In most practical problems, however, 
this refinement is unlikely to be necessary, provided that a reasonable 
value has been assumed for the average density. 


TABLE 7 

Equilibrium Moisture Distribution from 
Void Ratio 


Depth 

Z 

(ft) 

(a) 

Effective 
Pressure 
(ton/ft*) 

(b) 

Void Ratio 
e 

(from Fig. 20) 

(c) 

MoLSture 

Content 

% 

(d) 

0 

0 

0-706 

26*1 

2 

0*051 

0*693 

257 

4 

0*103 

0*681 

25*3 

6 

0*154 

0-673 

25*0 

8 

0*206 

0*667 

24*7 

10 

0*257 

0*663 

24*6 

20 

0*514 

0*649 

24 * I 


For condition (ii) the addition of the superload increases the eflective 
pressure at all depths by 180 lb/ft*. If the density is assumed constant 
this addition is equivalent to increasing the depth by 180 /57’6 or 3* 13 ft. 
Thus the first approximation to the equilibrium moisture distribution 
curve for this condition (curve 2 in Fig. 21) is in effect curve i lifted 
vertically through a distance of 3*13 ft on the depth scale. 

Similarly for condition (iii), when the water table is lowered by 2 ft 
the effective pressures are increased by 2 X 62*4 or 124-8 lb/ft*. Curve 3 
is therefore curve 2 lifted 124-8/57-6 or 2-16 ft. 

4.6 PERMEABILITY 

The flow of water through soil is assumed to follow Darcy’s Law, 
viz. 

q^Aki 

where ^=flow in unit time through a cross-sectional area A of soil 
^=coefficient of permeability 
i= hydraulic gradient 
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Coefficient of Permeability 


This quantity is defined as the rate of flow per unit area of soil 
under unit hydraulic gradient. 

The coefficient of permeability has the dimensions of a velocity, and 
is usually expressed either in cm/min or in ft/day. It represents the 
velocity which would produce the same rate of discharge if the water 
flowed through the whole area instead of through the voids. 
y^^^JThe coefficient, usually denoted by k, is a function of: 

(i) the porosity of the soil and the shape and size of the voids; • 


(ii) the density and viscosity of the fluid. 


The coefficient of permeability thus applies only to a particular 
fluid—in our case, water—and is subject, like viscosity, to slight 
variation with temperature. 

For granular materials the permeability generally varies inversely 
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Fig. 22.—Permeability Ranges. 


with the specific surface of the partic leSy i.e. the surface area per unit 
weight. With saturated clays the permeability varies considerably with 
the moisture content. 

If the void ratio of the soil is the ratio of the cross-sectional area 

€ 

of the pores to that of the whole soil is ^ The true average velocity 

j^yvith which the water travels through the soil, known as the seepage 
velocity or velocity of percolation, is therefore given by 





ki 


Fig. 22 shows the average values of the coefficient of permeability 
for various soils. 


Measurement of Permeability 

The permeability of coarse-grained soils is easily determined by 
means of apparatus known as the permeameter. The principle of the test 
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is to cause water to flow through a sample of soil, and to measure the 
hydraulic gradient and the discharge during a definite time interval. 



Then, by applying Darcy’s equation, the coefficient of permeability 
can be calculated. Two forms of permeameter are commonly used. 

Constant Head Permea- 
meter (Fig. 23).—The 
sample of soil is placed 
in a cylinder of cross- 
sectional area A, and 
water is allowed to per¬ 
colate through under a 
constant head. The dis¬ 
charge Q, during a suit¬ 
able time interval t is 
collected in a graduated 
vessel. By means of tap¬ 
pings in the cylinder 
connected to mano¬ 
meters the difference of 
head H over a length of 
sample / is measured. 
Then by Darcy’s Law 

^=Aki=AkY 

t I 

from which k is easily 
calculated. 

Before starting the 
connection not shown in 



test the apparatus is subjected, through a 
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the diagram, to the action of a vacuum pump in order to extract 
all air from the pores of the sample. 

..^‘-'"^ariable Head Permeameter (Fig. 24).—Fo r very fine sands and silts 
the variable head pe rmeameter is m nrf^ snitablp. Tn iliis device the 
cylinder containing the sample is fitted with a cap and standpipe. The 
apparatus is filled with water up to a mark on the standpipe. The 
stopcock is opened and the water allowed to percolate through into 
the container at the base until the level in the standpipe has dropped 
to a second mark. The time t taken for the water level to fall this 
distance is observed. 

Let Hi and //, be the initial and final heights of the water in 
the standpipe above that in the container, and let H be the 
height at an intermediate time. Let A be the cross-sectional area of 
the sample and a that of the standpipe. Let I be the length of 
the sample. 

During a time interval dt the water level drops dH^ i.e. the increment 
of H is —dH, By Darcy’s Law the discharge in time dt is 


Akjdt 

tJ 

Therefore —adH—Ak-^dt 


whence dt= — 


aldl-I 


Ak H 

Integrating both sides between corresponding limits, 
al. H, al. H, 

a H 

The quantity - / log ^ ^ constant for the particular permeameter. 

A ti 2 


Indirect Measurement of the Permeability of Clay, —For fine-grained soils, 
which for practical engineering purposes are usually regarded as im¬ 
permeable, the permeameter method is impracticable, and the co¬ 
efficient of permeability can be determined only by indirect methods. 
It is shown in Chapter 5 that the value of the coefficient can be 
calculated from the results of the consolidation test. 

Measurement of Permeability in the Field. —Laboratory determinations 
of permeability are often unreliable because of the difficulty of ensuring 
that the degree of compaction of the soil in the permeameter is com¬ 
parable with that in the ground. For large engineering projects it is 
often advisable to measure the in situ permeability of the soil by means 
of field tests. 
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C^} 


Fig. 25 shows sections through a well, the curved line indicating 
the profile of the water governed by the permeability of the soil and 

the slope of the original 
water table. 

In Fig. 25A the rate of 
radial flow through an 
element at radius r is given 
by 

q=Aki = 27 irM^^ 


dr ^nkhdh 

q 

Integrating between 
and and between the 
corresponding heights hi 
and 

q 






Therefore k= 


q log, • 

7t{h^* -hi^) 


Fig. 25B shows an arte¬ 
sian well in which the 
height of the element, Z), v 
is constant. 

The integration of the differential equation gives 


Fig. 25.—Measurement of Permeability 
IN the Field- 


, Fg 2 JlkD,, 


-Ai) 


k=^2nD{h^-k,) 

The data for the determination of k from the above equations are 
obtained as follows. A test well is drilled to the bottom of the permeable 
stratum, and water is pumped out at a steady rate until the level in 
the well becomes practically steady. Several observation boreholes or 
wells are made around the test well, in which the level of the water 
table is observed. If the general direction of groundwater flow is 
known, the observation boreholes should be arranged in two straight 
lines, one along and the other at right angles to that direction. 
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Quicksand 

When the percolation pressure due to a rising flow of water in sand 
is sufficient to balance the downward force of gravity a condition of 
instability arises. Sand in this state is known as quicksand. Thus quick¬ 
sand is not a special type of material, but a condition which any 
granular material may attain under certain circumstances. 


Fig. 26 shows an example of how quicksand may be met with at 
the bottom of an excavation. The downward pressure per unit area at 



Fig. 26.—Quicksand Conditions. 


The pressure causing flow, due to the head A, is y^^h. Instability will, 
occur when 

, = — I j 

that is when 

^ ^ I -h<f 


Since the pressure head at the surface of the sand is zero, the average 

hydraulic gradient on the depth d is The hydraulic gradient at 

d 

G I 

which instability begins is thus known as the critical 

hydraulic gradient. 


Theoretically, therefore, the size of the sand grains has no effect, 
though it is well known that quicksand is of more frequent occurrence 
in fine sands. Fine sands are usually of fairly uniform grain-size and in 
a loose state of packing, and therefore have a relatively high void ratio 
and a correspondingly low critical hydraulic gradient. 
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The critical hydraulic gradient usually has a value of approximately 
unity. It would be exactly i for a sand for which Gj=2‘65 and ^=0*65 
—both fairly average values. For such a sand 

G, -r ^ 2 - 65 -i ^^ 

I I +0*65 


4.7 FROST AND ITS EFFECTS 
The two principal effects of frost are: 

Frost Heavey the lifting up of the surface of the soil caused by the 
formation of ice between the particles; and 
Frost Boily the softening due to the liberation of water which occurs 
when thaw takes place. 

Both these phenomena are liable to cause serious disintegration of 
road pavements. 


Frost Heave 

As water is cooled it contracts, but below a temperature of 4®C, 
it expands slightly. When freezing takes place the volume of the 
ice formed is about nine per cent greater than that of the water. 
The freezing of soils usually takes place downwards from the surface, 
and the frost liney or boundary between frozen and unfrozen soil, 
gradually travels downwards while the freezing atmospheric conditions 
last. In saturated sands and gravels the expansion is entirely due to 
the increase in the volume of the frozen pore water. For example, a 
saturated soil with a void ratio of i*o contains a quantity of water 
whose volume is half the total volume, and the heave due to this water 
freezing would be about 0-5x9, or four and a half per cent of the 
depth of the soil which is frozen. 

In fine-grained soils, particularly silts, frost heave is considerably 
increased by the growth of segregated ice crystals between the particles. 
As the pore water freezes the ice crystals encroach upon the very thin 
films of adsorbed moisture which surround the individual particles, 
and molecules of water are pulled up from the unfrozen soil beneath 
to maintain these films. The upward flow, which is of the nature 
of capillary flow, results in the formation of zee lensesy which may 
increase the thickness of the frozen layer by as much as twenty or 
thirty per cent. 

The factors necessary for the occurrence of frost heave are: 

(i) capillary saturation at the beginning of and during the 
freezing of the soil; 
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(ii) a plentiful supply of subsoil water; 

(iii) a soil possessing fairly high capillarity (the height to which 
water can rise by capillary action) together with moderate 
permeability. 

The last-mentioned condition shows that serious frost heave is not 
likely to occur in sands and gravels, which have practically no capil¬ 
larity, although their permeability is high. Again, in clay soils which 
have high capillarity the permeability is very low and the water cannot 
rise rapidly; hence considerable heaving is unlikely. It is thus with 
silty soils that the requisite combination of properties for detrimental 
frost heave is to be found. 

Frost Boil 

When the thaw occurs the water liberated greatly exceeds the water 
originally present in the soil before freezing, and the soil is softened. 
Silty soils are again the most seriously affected, as having a low 
plasticity index the softening effect of an excess of moisture is greater 
than for clays. 

Preventive Measures 

When subgrades of roads consist of soil liable to frost heave the most 
efficacious preventive is to remove a layer and substitute material less 
susceptible to deleterious effects from frost. Adequate drainage helps 
considerably, both by minimising frost heave by the lowering of the 
water table and by enabling the surplus water to escape more readily 
when the thaw takes place. 



CHAPTER 5 

COMPRESSIBILITY AND CONSOLIDATION 


Notation 

e void ratio 
m moisture content 
G, specific gravity of soil particles 
p pressure 

« base of Napierian logarithms 

C. compression index \ ^ 

^ ... I constants in equations to 

expansion index . / • ■ * 

. , . . pressure /void ratio curve 

void ratio at unit pressure ' 

coefficient of compressibility 

h thickness of soil sample 

pre-consolidation pressure 

0“' effective pressure 

u pore-water pressure 

degree of consolidation 

t time interval 

settlement after time t 

s final settlement 

c, coefficient of consolidation 

k coefficient of permeability 

Y„ density of water 

T, time factor 

d maximum length of drainage path 
Z depth in soil sample 
i hydraulic gradient 


When a compressive load is applied to the surface of the soil the result¬ 
ing deformation is either elastic, plastic, compressive, or a combination 
of these. The three principal types of deformation are shown diagram- 
matically in Fig. 27. 

Elastic deformation causes lateral bulging with little change of porosity, 
and the material recovers on removal of the load. When treading on 
fairly dry or spongy peat soil, the foot sinks in a little, but if it is lifted 
quickly the footmark practically disappears. This is mainly an elastic 
deformation. 

Plastic deformation is due to the lateral flow of the soil under the action 
of pressure, with negligible rebound after removal of the load. Plasticity 
is the property which enables the material to undergo considerable de¬ 
formation without cracking or crumbling. All clays have this property 
to a greater or less degree provided that the moisture content is not 
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below the plastic limit. In soft clay or mud we observe the soil squeezing 
outwards under the sole of the foot, indicating plastic flow. 

Compressive deformation occurs when the particles are wedged closer 
together by pressure, reducing the pore space by the expulsion of water 
and air. This property of soil is known as compressibility. On medium 
clay or on an ordinary garden flower bed, the foot sinks in and leaves a 
footmark, the soil underneath having been compressed or consolidated. 

All the above types of deformation may take place under the action 
of stresses below the ultimate strength of the soil. The deformations 
which occur at failure are discussed in Chapter 6. 

The compression of soil under steady pressure, such as the weight 


LOADBO LOAD flEfrtOVBD 



PJost/c 



Fig. 27.—Types of Deformation under Compressive Load. 


imposed by a structure or earth filling, is known as consolidation and is 
due to the expulsion of water from the pores. When the compression is 
effected by mechanical means, such as rolling or tamping, it is termed 
compaction. Compaction takes place when air voids are reduced. It is 
discussed in Chapter 12. 

In practical problems of consolidation both the magnitude of the 
settlement and the rate at which it occurs are of great practical import¬ 
ance. The former depends on the compressibility of the soil. The rate of 
consolidation depends on permeability as well as compressibility, and 
it is convenient to combine the effects of these two soil properties in a 
factor known as the coefficient of consolidation. Both the compressibility 
and the coefficient of consolidation can be measured by means of the 
oedometer test described in the next article. 

In sands consolidation may generally be considered to keep pace 
with construction, and the after-effects are therefore much smaller 
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than in fine-grained soils. The subject matter of this chapter is there¬ 
fore primarily concerned with the compressibility of silts and clays. 


5.1 MEASUREMENT OF COMPRESSIBILITY 

The compressibility of soil is found by means of the apparatus shown 
diagrammatically in Fig. 28. This apparatus, known as the oedometer^ 
was devised by Terzaghi. 

The sample of soil is contained in a flat cylindrical brass mould (3 in. 
diameter and 0*75 in. deep) between two porous stones about 0*5 in. 



thick. By means of the porous stones water has free access to and from 
both surfaces of the specimen. The compressive load is applied to the 
specimen through a piston, either by means of a hanger and dead 
weights or by a system of levers. The compression is measured on a dial 
micrometer. 

In the test for compressibility a load is applied to the sample and 
readings of the compression are taken at appropriate time intervals after 
the application of the load. The consolidation is rapid at first, but ttie 
rate gradually decreases. After a time the dial reading becomes prac¬ 
tically steady, and the sample may be assumed to have reached a con¬ 
dition of equilibrium. For the size of sample used in the test, this 
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condition is generally attained within twcnty-foui: hours, though 
theoretically an infinite time is required for complete consolidation. 
Fig. 29 shows a typical time /compression curve. 



Time 


After the time /compression readings for the first load are recorded, 
an increment of pressure is applied and the readings for another time/ 
compression curve are observed. The process is repeated for several fur¬ 
ther increments of pressure, as shown 
diagrammatically in Fig. 30. In this 
diagram the curve AB is the time/ 
compression curve obtained under 
the first steady pressure The pres¬ 
sure is then increased to /», and the 
curve BC is obtained, and so on. 

Finally the pressure is released and 
the sample allowed to take up water 
and expand. After the expansion is 
complete, the final moisture content 
of the soil is determined. 


5.2 RELATION BETWEEN 
PRESSURE AND VOID RATIO 

From the results of a consolidation 
test as described in the preceding 
article we can estimate the void ratio 
corresponding to the pressure at the 
end of each successive stage of con¬ 
solidation. Knowing the final mois¬ 
ture content m at the end of the test, 
the final void ratio e is found from 

the equation e=mGt (p. 50). From the changes of thickness of the 
sample, which are proportional to the volumetric changes, from stage to 
stage in the test, we can estimate the void ratio at the end of each of 
6 



Fig. 30.—Time/Compression 
Curve under Successive 
Increments of Pressure. 
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these stages. The method of procedure will be best understood from the 
example given on p. 92. 

The pressure jvoid ratio curve can now be plotted. Fig. 31 
shows typical pressure /void ratio curves for the compres¬ 
sion and expansion of the two main types of soil, sand and 
clay. It will be seen that the expansion curve is much 
flatter than the compression curve. Consolidation may 
thus be regarded as consisting of two parts: 

(i) reversible —the reduc¬ 
tion in the thickness 
of the moisture films 
separating the par¬ 
ticles, and possibly 
some elastic bending 
of the particles them¬ 
selves; 

(ii) irreversible —a change 
in the orientation of 
the particles. 





Sand 


Fig. 31.- 


-Typical Pressure/Void Ratio 
Curves. 


Equation to Pressure/ 
Void Ratio Curve 
Clay as we find it in the 
ground has undergone a 
natural process of consolidation, having been originally deposited in 
water and then gradually compressed by the weight of the material 




Fig. 32.—Pressure/Void Ratio Curves. 


deposited above it. The soil is said to ht fully or partially consolidated, 
according to whether or not a state of equilibrium has been reached. 
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In the course of geological history some of the overlying material may 
have been eroded. Deposits in which the consolidation pressure has 
thus been partially relieved are known as overconsolidated or precon- 
solidated soils. 

The pressure /void ratio curve for cohesive soil (Fig. 32 a) correspond¬ 
ing to natural consolidation is termed by Tcrzaghi the virgin consolidation 
curve. Between the liquid and plastic limits the curve is of the exponen¬ 
tial type and can be expressed by the empirical equation 

6=6^ —Cf. logioA 

where is the compression index and e^ is the void ratio at unit pressure. 
The curve of e plotted on a base of log is a straight line of slope — 
as shown in Fig. 32 b. Similarly the expansion curve! plptted on a 
logarithmic base is a straight line the slope of which gi>rathe expansion 
or swelling index, C,. 


Compressibility 

The coefficient of compressibility (or of volume decrease) , m^ is the decrease 
in unit volume per unit increase of pressure, and is given by 

I de 
^^~~~i ^e dp 

It is, therefore, equal to the slope of the compression curve divided by 
I -\-e. Dimensionally, this coefficient is the inverse of a pressure (e.g. 
ft^/ton). The term “coefficient of compressibility” is sometimes defined 

as the decrease in void ratio per unit increase in pressure (i.e. — 

\ ^P/ 

and is then denoted by the symbol a or a^. 

Since the volume of the sample in the oedometer is proportional to the 
thickness, the coefficient of compressibility can also be expressed in 
terms of the thickness. 

Let h be the thickness of the sample, and let dh be the decrease in 
thickness due to an increment of pressure dp. 


Then m = 


change in unit volume 
change of pressure 


dh 

h 



I dh 
hdp 


This equation suggests another way of finding m^ from the results of 
an oedometer test, by plotting the thicknesses, h, at each stage of the test 
against the corresponding pressures, p. Then at any pressure the value 
of is equal to the slope of the curve at that point divided by h. This 
method obviates the necessity for calculating the void ratio at each stage. 



84 


C0Mf>RES8lBILlTY AND CONSOLIDATION 


Repeated Compression 

The effect of compression and expansion of clay followed by re¬ 
compression is shown in Fig. 33. AB is the ordinary compression curve. 

If another sample is tested similarly, but after reaching 
I the point C the load is reduced, the clay takes up 

I water and expands, following the expansion curve 

I CD. If the sample is subsequently re-compressed the 

\ new compression curve takes the form of the dotted 

\ line from D, and if the pressure is further increased 

\ beyond C the curve conforms closely to the original 

compression curve CB. 

An undisturbed sample 
^ D Re--compn€ss/on. of clay which has under- 

^ gone natural consolidation 

o ^ pression curve of the form 

^ DCB. The clay has origin¬ 

ally been compressed by 
the weight of material 

___above along the virgin 

PnQsffure. curve to some point such as 

Fig. 33.—Pressure/Void Ratio Curve overconsolidated soil 

SHOWING Effect of Recompression. this pressure has been 

partially relieved by the 


^£xpan£lon 


PnQQSuno, 

Fig. 33.—Pressure/Void Ratio Curve 
SHOWING Effect of Recompression. 


erosion 01 some 01 me over¬ 
burden. The point C, therefore, 
may not correspond to the pres¬ 
sure at the depth from which 
the sample has been extracted. 

In the consolidation test from D 
to C the clay is being re-com¬ 
pressed; from C to 5 the virgin ^ 
curve is followed. The corre- ^ 
spending log graph is shown in ^ 
Fig. 32B and consists of a flat 2 
curve Z)'C' and a straight line ^ 
CB\ the latter being part of the 
virgin curve. 

Gasagrande has suggested an 
empirical construction (Fig. 34) 
to estimate from this curve the 
probable pre-consolidation pres¬ 
sure, which is often of interest in 
tracing the geological history of 



pressure in tonajftJ 
{log Bcale) 

Fig. 34.—Construction for Pre- 

CONSOLIDATION PRESSURE. 



PlOA 


RATE OP CONSOLIDATION 


85 


the soil. The procedure is to estimate the point D of maximum curva¬ 
ture of the eflogp graph, draw a tangent at this point, and bisect the 
angle between the tangent and a horizontal line through D, The 
point E where the bisector cuts the straight part of the graph repre¬ 
sents approximately the pre-consolidation pressure, pc* 


Effect of Remoulding 

Fig. 35 compares the void ratios, at equal pressures, of an 
undisturbed sample and of one which has been disturbed or re¬ 
moulded. At a given pressure the void ratio of the undisturbed 
sample shows the higher value. This is due to the remoulding having 
broken down the highly complex structure of the original material 
formed by deposition of particles under water. 

If a slurry, made from clay at the liquid limit, 
is consolidated the resulting artificial clay gives a 
consolidation curve very similar in shape to the 
virgin consolidation curve, but lying everywhere 
below it. The natural complex structure of clay 
cannot be reproduced artificially. 


5.3 RATE OF CON- 
SOLIDATION 

When an increment 
of pressure is applied to 
a sample in the oedo- 
meter the pressure is 
at first carried entirely 
by the pore water. A 
hydraulic gradient is 
set up and water com¬ 
mences to drain away 
both upwards and 
downwards through 
the porous stones ac¬ 
cording to Darcy’s Law. As the water escapes, more and more of the 
pressure is transferred to the soil particles, the head is reduced, and 
the rate of flow decreases. Eventually final consolidation is reached, 
when the additional pressure is carried entirely by the soil. 

At any instant the total pressure, p^ may be regarded as made up of 
two parts: the effective pressure, cr', which is borne by the soil, and that 
taken by the water, u. The latter is termed the hydrodynamic excess, 
since there is no hydrostatic pressiure to balance it. 

Thus p=(j' ~\-u 



G a 
effective pressure p tonsjPtP’ 

1 iG. 35 .—Pressure/Void Ratio Curves for 
Undisturbed and Remoulded Clay. 

{Reproduced by permission of the Director of Building Research. 
Crown Copyright reserved.) 
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The dotted curves in Fig. 36 show the distribution of the hydro- 
dynamic excess pressure and its steady decrease at successive time inter¬ 
vals after the application of the pressure, p. 


Pressure, p 
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Fig. 36.—Hydrodynamic Excess Pressure. 


The rate of consolidation depends upon the following variables: 

(i) the distribution of effective pressure across the thickness of the 
stratum; 

(ii) the length of the drainage path; 

(iii) whether water can escape from one or both surfaces of the 
stratum; 

(iv) the coefficient of compressibility of the soil; 

(v) the coefficient of permeability of the soil. 


Terms used in Theory of Consolidation” 

Degree of Consolidation, 

k 

Coefficient of Consolidation, 

yuP^v 


The coefficient of consolidation has the dimensions (L*T'^). Being 
proportional to the ratio of the coefficients of permeability and com¬ 
pressibility, both of which decrease with increase of pressure, the 
coefficient of consolidation shows much less variation with pressure. In 
fact, for some types of clay it may be regarded as a constant for the 
material. 


Time Factor, 7;= 
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In the oedometer, where drainage takes place both upwards and 
downwards, d is equal to half the thickness of the soil sample. 

The time factor is a dimensionless quantity. 


Theory of Consolidation 

Referring to Fig. 36, consider an elementary layer of thickness dz and 
unit cross-sectional area. The hydraulic pressure gradient^ . 

Change of in length dz= 

Hydraulic gradient at depth ^ 

Hydraulic gradient at depth ^ f^ ^ 

yw\^z oz^ J 


By Darcy’s Law, velocity at section (i)=/:ii=rate of inflow per unit 
area. 

Velocity at section (2)=/:ft=rate of outflow per unit area. 

Water lost per minute=A:(t2—ti)=- ^ ^ dz 

Yw 

This is equal to the rate of reduction of the volume of the elemcBt, 
The volumetric strain= —mjb{p—u) 

(The negative sign denotes decrease in volume with increase in pressure.) 

Therefore rate of change of volume= ~m^ 

du ^ ^ , dp 

=m^ ^ dz, since p is constant and ^ =0 

Ct Cl 

Therefore ^ ^ ^ dz=^m^^^ 6 z 
Yu, ^Z^ 

Put (coefficient of consolidation) 

Then 

dz'^ 01 


This is the basic differential equation of consolidation. 

Solutions have been found for certain conditions of pressure distri¬ 
bution and drainage in the form of equations connecting the degree of 
consolidation with the time factor T„. 
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For the particular case of uniform pressure distribution throughout 
the depth of the compressible stratum the solution is: 


I ■ 


71 




r„ 

♦ , I 

-h c 
9 


^ ^ 

-f E 

25 


4 





This solution also applies to any form of pressure distribution, pro¬ 
vided the drainage is in both directions. Expressions of a similar charac¬ 
ter have been de- 
Tmm Factor: Tv rived for certain 



tion, Cy, the same 

time factor/consolidation curve will apply to any practical problems 
in which the pressure distribution and drainage conditions are the 
same. 

Table 8 shows corresponding values of and Uj, for simple cases of 
pressure distribution. The relevant time factor/consolidation curve for 
condition i is shown in Fig. 37. 

Up to about fifty per cent of total consolidation the U^jT^, curve 
for uniform pressure distribution (the curve in Fig. 37) is, when T,, is 
plotted on a natural scale, very nearly a parabola having the equation 

/ \/r„=i-i3v/7; 

'yTl 

Thus if Uo is plotted against \/ a straight line of slope 1*13 results 
(OB in Fig. 38A). 


Determination of Coefficient of Consolidation 

For convenience the dial readings are taken at time intervals t of 
I, 2J, 4, 9, . . . minutes after the application of the load. The values 
of the decrease in thickness of the specimen are plotted on a base of 
\/t SLS shown in Fig. 383. 
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TABLE 8 

Relation between Degree of Consolidation and Time Factor 


Types of Pressure Distribution 
(one-way Flow) 


Top 

(permeable) 


Bottom 

(impermeable) 





Time Factor T, 


i-;cgicc ui 

Consolidation 

Condition 

(0 

Condition 

(3) 

Condition 

(3) 

OI 

ooo8 

0-047 

0003 

0*2 

0031 

0-100 

0-009 

0-3 

0071 

0158 

0-024 

0*4 

0-126 

0-221 

0-048 

0-5 

0-197 

0-294 

0092 

0’6 

0-287 

0-383 

0-160 

0-7 

0-403 

0-500 

0-271 

0-8 

0567 

0-665 

0-440 

0*9 

0-848 

0-940 

0720 


Note .—For two-way drainage condition (i) is used for all 
linear distributions of pressure, and d is taken as 
half the thickness of the layer. 


Since 




the experimental curve can be made to coincide with 


the theoretical curve by adapting the scales. The first part 

of the curve is straight. The ordinate OA represents the final compression 
of the sample. If the straight part of the curve is produced to meet the 
horizontal from A in B, then AB represents the square root of' the time 
ti which would be required for complete consolidation if the law 




/cj 


held good throughout. From this equation, 


for f4=i.o, therefore 


4^1 


Secondary Compression 

It is found that the experimental consolidation/time curve is usually 
of the same shape as the theoretical curve except in the later stages of 
consolidation. This deviation is known as the secondary time effect or 
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secondary compression, and its exact nature is not fully understood. It 
has the effect of slightly increasing the value of the coefficient of con¬ 
solidation as obtained by the method of the previous section. Experi¬ 
ments on London clay have shown that c„ is increased by about ten to 




fifteen per cent when secondary compression is taken into account. 
The necessary correction can be made by the method of “curve-fitting” 
devised by Taylor and Merchant^ of the Massachusetts Institute of 
Technology. 

It is assumed that the experimental curve is of the same shape as 
the theoretical up to the point which represents ninety per cent of the 
total theoretical consolidation. At U„=^o^g the value of T„ from the 
table is 0*848, and is therefore 0*921. Referring back to Fig. 38A, 

if the straight portion of the curve, of which the equation is 
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is produced, the intercept AB at is equal to 


's/n 


or 0*885. 


Therefore Z)£'=o*9X 0*885=0-798 ^*^ 55 * Hence 

the abscissae of the straight line OCF, drawn through the point C 
representing ninety per cent of theoretical consolidation, are 1*155 
times those of the line OB. 

This simple relation enables the theoretical curve to be superimposed 
on the experimental one so that they coincide as far as the point C, 
as shown in Fig. 39 a. The procedure for “curve-fitting” is as follows. 
Produce the straight part of the experimental curve to meet the base line 



in //'^Fig. 39 b). Set out from G a length GJ equal to 1*155x0//. 
Join OJ. Its intersection with the curve gives C, the ordinate of which 
represents 90 per cent of the theoretical consolidation. Draw CD 


1*0 


horizontally. Make OA equal to ^ ^ X OZ), then OA represents the theor¬ 
etical or primary and AG the secondary compression. 

To calculate from the formula ^ , take y/ti=^AB. Alternatively, 

4 h 

if c„ is calculated in the normal way by measuring the intercept GH, 
it can be corrected for secondary compression by multiplying it by 
/ 0 G\ 2 
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5.4 EXAMPLE OF CONSOLIDATION TEST 

The object of this test is to determine data from which the total con¬ 
solidation and the rate of consolidation of a given thickness of clay may 
be determined. 

MateriaL —^Alluvial clay. 

Bulk density: 120 lb/ft*; 

Specific gravity of particles: 2*69; 

Liquid limit: 46-6 per cent; 

Plastic limit: 21*6 per cent; 

Specimen originally 0*796 in. thick. 

Test Results .—Increments of pressure were applied (p. 80) and each 
increment was maintained for at least twenty-four hours. The pressures 
were o*ii, 0*22, 0*52, 1*03, 2*04, 4*08 and 8* 16 ton/ft*. The change in 
thickness of the specimen was measured for each increment and the 
results detailed in columns (a) and (b) of Table 9. 

The pressure was released and the sample allowed to swell for twenty- 
four hours. The final thickness was 0*741 in. and the final moisture con¬ 
tent 27*1 per cent. 


TABLE 9 

Consolidation of Alluvial Clay 


Effective 

Pressure 

P 

(ton/ft*) 

Change in 
Thickness 
hh 

(in.) 

Change in 
Void Ratio 
8 <= 2 - 338 A 

Void 

Ratio 

e 

Thickness 
of Sample 
h 

(in.) 

(a) 

(b) 

(c) 

(d) 

(e) 

0 



0-872 

0-796 

0*11 

— 0-0040 

—0-009 

0-863 

0-792 

0-22 

— 00028 

-0-007 

0-856 

0-789 

0*52 

— 0-0128 

—0-030 

0-826 

0-776 

1*03 

— 0-0144 

-0-034 

0-792 

0-762 

2-04 

— 0-0209 

-0-049 

0743 

0-741 

4-08 

— 0-0292 

—0-068 

0-675 

0-712 

8*i6 

— 0-0285 I 

—0-066 

0-609 

0-683 

0 

+ 0-0520 

+ 0 -I 2 I 

0730 

0735 


Calculation of Coefficient of Compressibility (Void Ratio 
Method) 

Completion of Table 9.—The final void ratio for the saturated clay 
{mGs)=o* 2 ^i X2*69=0*73. The thickness at this void ratio=o*74i in. 

Now since a thickness h corresponds to a volume of i +e, the rate of 
change of void ratio with thickness is given by 
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de Sh 1 -1-^ 

•—=-r or de= - r~dh 
i+e h h 


Substituting the known final values 


0-741 


for this specimen, and column (c) can be completed. 

Column (d) is completed from the bottom, starting with the final 
void ratio (0*73) and subtracting or adding the change in void ratio 
for each stage. 


TABLE 10 

Consolidation Test Results (Void Ratio Method) 


Range of 
Pressure 

P 

(ton/ft*) 

Pressure 

Increment 

hp 

(ion/ft^) 

Change in 
Void Ratio 

5 ^ 

(from 
Table 9) 

Slope of 
ejp curve 

he 

a— — 

8 p 

(ft‘/ton) 


Coefficient 
of Com¬ 
pressibility 
a 

(ft*/ton) 

(f) 

(g) 

(C) 

(h) 

(i) 

(j) 

O-11-0-22 

O-II 

—0-007 

0-0635 

1-860 

0-0342 

0-22-0-52 

0-30 

— 0-030 

0-1000 

1-841 

00543 

0-52-1-03 

0-51 

-0-034 

0-0667 

1 -809 

0-0368 

1-03-2-04 

I-01 

- 0-049 

0-0484 

1-768 

0-0274 

2-04-4-08 

2-04 

— 0-068 

0-0334 

1-709 

00195 

4-08-8-16 

4-08 

— 0-066 

0-0162 

1-642 

0-0099 


Column (e) is completed from the top, using the original thickness 
of the specimen and the increments listed in column (b). The final 
calculated thickness (0*735 in.) agrees well with the measured value 
of 0*741 in. 

Completion of Table 10.—This table deals with the rate of change of 
void ratio and volume for given increments of pressure. For the incre¬ 
ments applied (columns (f) and (g)) the changes in void ratio have 
already been determined in Table 9 and are repeated in column (c). 

Column (h) is obtained by dividing the figures of column (c) by 
those of column (g). 

Column (i) is obtained by adding unity to the mean void ratio for 
successive increments of pressure, as obtained from column (d). 
Table 9. 

Column (j) is completed by dividing the figures of column (h) by 
those of column (i). 

The coefficients of columns (h) and (j) can be used to estimate the 
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total consolidation of a stratum of clay (see Chapter lo). I'he rate of 
consolidation requires consideration of the time factor, which is treated 
in the next section. 


Pressure /■03 to 2 04- 



i 

I 


Fig. 40.—Consolidation Curve for Alluvial Clay. 


Calculation of Coefficient of Consolidation 

TABLE II 

Coefficients of Consolidation and Permeability 


Range of 
Pressure 

P 

(ton/ft*) 

Inter¬ 

cept 

(min) 

Mean 

Thickness 

A =r2(/ 
(in) 

Coefficient of 
Consolidation 

(in.*/min) 

Coefficient of 
Permeability 

(in./min) 

(f) 

(k) 

(I) 

(m) 

(n) 

O- 11 - 0*22 

76 

0-790 

i*6ix 10 * 

I* 28 x 10-^ 

0*22-0*52 

58 

0-783 

2o8x 10* 

i 2*63X 10-^ 

0*52-1 03 

36 

0-769 

3*22X 10* 

2*76x 10’ 

1*03-2*04 

34 

0-752 

3*26x 10* 

2*o8x 10’ 

2*04-4*08 

27 

0-727 

3*84X io-» 

i 1*74x10’ 

4*08-816 

22 

0*698 

4 - 35 X 10* 

I* 02 X 10 ’ 


For each increment of pressure a curve was plotted showing change 
of thickness against square root of time. One of these six curves (for 
increment 1*03 to 2*04 ton/ft*) is shown in Fig. 40. 

Completion of Table 11.—From each of these curves the intercept a 
is measured as indicated in Fig. 40 and the values of entered in 
column (k). From column (e), Table 9, the mean thicknesses are cal¬ 
culated and recorded in column (1). 

The coefficient of consolidation (p. 89). Here d—^y since 

4/1 2 
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drainage takes place both upwards and downwards. These calculations 
give the figures in column (m). Thus for 1-03 to 2*04 ton/ft* 

c^~ ^ ' =0-00326 in*/min 

4X34 


The final column (n) is obtained from the expression k==-c^y^,m^ 
(p. 86), where and Tn^, are obtained from columns (m) and (j) 
respectively. These quantities must be expressed in consistent units. 


Alternative Method of Obtaining Coefficient of Compressibility 
(Settlement Method) 


TABLE 12 

Consolidation Test Results (Settlement Method) 


Pressure 

P 

(ton/ft^) 

Change in 
Thickness 
hh 

(in.) 

! 

Thickness 

h 

(in.) 

Slope of 
Curve 
dh 
dp 

Coefficient of 
Compressibility 

I dh 
dp 

(ftVton) 

fa) 

0*00 

(t>) 

0 

' 

(0) 

(P) 

01 I 

— 0004 

0-792 

0*0360 

0*0454 

0*22 

j -0003 

0-789 

0*0360 

00457 

0-52 

-0013 

0-776 

0*0360 

00464 

I 02 

— 0014 

0-762 

0*0233 

0*0306 

2-04 

— 0021 

0*741 

0*0190 

0*0256 

4-08 

— 0*029 

, 0-712 

0*0110 

0*0154 

816 

— 0-029 

0*683 

00036 

j 0*0053 

i 


Table 12 shows this method of calculating the coefficients. From the 
test results (columns (a), (b) and (c) in Table 9) the curve of h against 
p is plotted (Fig. 41). On p. 83 it is shown that, for any pressure, 

x slope of hjp curve. 

The slope at a given pre.^sure is measured by di awing a tangent TA 
to the curve, and recorded in column (o). The figures of column (o) 
divided by those of column (e) give data for column (p). 

Fig. 42 shows a comparison of the results obtained by the two 
methods. 
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Pressor ^ p ir \ tont / Pt ^ 


Fig. 41.—Compression Curve for Alluvial Clay. 



Fio. 42.—Comparison of Results of Void Ratio and Settlement 

Methods. 

The application of the results of the consolidation test to ihe estima¬ 
tion of the amount and rate of settlement of full-scale structures is 
considered in Chapter 10. 



CHAPTER 6 


SHEARING RESISTANCE 


Notation 

s shearing resistance 

c apparent cohesion 

(f> angle of shearing resistance (suffixes «, cu and d used with c and 

refer to undrained, consolidated-undrained and drained condi¬ 
tions respectively) 

Ce true cohesion 

4 >f angle of internal friction 

a normal stress 

a* effective or intergranular stress 

O'/, o //, Gjjj principal stresses 
u pore-water pressure 

T shear stress 

r resultant stress 

a angle of obliquity 

X coefficient of cohesion 

p consolidation pressure 

e void ratio 

T torque on vane 

dy h dimensions of vane 

S degree of sensitivity 


The Shear Strength of a soil is its maximum resistance to shearing 
stresses. When this resistance is exceeded failure occurs, usually taking 
the form of surfaces of slip. Shear strength is usually assumed to be 
made up of: 

(i) internal frictiouy or the resistance due to interlocking of the 
particles; 

(ii) cohesion, or the resistance due to the forces tending to hold 
the particles together in a solid mass. 

Generally speaking, coarse-grained soils such as sands derive their 
shear strength almost entirely from intergranular friction, but with 
other soils the strength is a combination of both forms of resistance. 
It is therefore convenient to consider three conventional types of soil; 

(i) coarse-grained, frictional, or cohesionless; 

(ii) fine-grained or cohesive; 

(iii) cohesive-frictional or 

97 
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Most clay soils derive part of their shearing resistance from internal 
friction, but, as will be explained later, when loaded under conditions 
of no change in water content, appear to possess cohesion only. 

6.1 COULOMB’S LAW 

The shear strength of a purely frictional soil is proportional to the 
normal pressure on the plane of shear. The strength at a given point 
therefore varies with the direction of the plane on which the shear 
stress acts. 

The law governing the shear failure of soils, generally known as 
Coulomb’s Law, first put forward in 1773, is assumed to be of the form 

s=zc-^a tan<^ 

The quantities c and ^ are really of the nature of empirical constants, 
depending not only on the type of soil but also on its moisture content 
and on the conditions of testing or of loading in the field. The term c 
is usually called the apparent cohesion, while cj) is known as the angle of 
shearing resistance. The relationship is shown diagrammatically in Fig. 
43, in which s is plotted against o. 

For cohesionless soils c—o and s=a tan while for saturated cohesive 
soils under conditions of no drainage ^=0 and s—c. 



Fig. 43. —Coulomb’s Law. 

6.2 CONDITIONS OF FAILURE OF SOIL BY 
MOHR’S STRESS CIRCLE 

The conditions of shear failure are most conveniently depicted by 
Mohr’s Circle of stress, which represents the state of stress at a specific 
point within a stressed material. For the benefit of readers who are 
not familiar with this method, a brief explanation is given below. 
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Mohr’s Circle of Stress^® 

An infinite number of planes can pass through a given point in a 
stressed material. Mohr’s circle diagram indicates: 

(i) the normal and shear stresses acting on a given plane, and 

(ii) the angle between that plane and the plane on which the 
maximum principal stress acts. 

In Fig. 44 the greatest and least principal stresses are plotted (in 
magnitude) from 0 along the horizontal axis. OPi=o’i and 
It is proved in text-books on strength of materials that if the principal 



II Plotted dounusards. 


Fig. 44. —Mohr’s Circle of Stress. 


stresses o jand (Ti„ are known, the normal stress a and the shear stress x 
on a plane making an angle 0 with the plane on which cr, acts are 
given by 

0=0’, cos® 0+(Tin sin® d 


2 2 


COS 20 


X— 



sin 20 


It can be shown that these values of normal stress a and shear stress x 
are represented in magnitude by the lengths ON and NR respectively, 
where is a point on the circumference of a circle of diameter P^Pi* 
OR therefore represents the magnitude of the resultant stress on the 
plane in question. The directions of stresses and planes relative to each 
other can be obtained from the diagram: 
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(i) OT represents the direction of action of the maximum 
principal stress. 

(ii) OX represents (in direction) the plane on which the maximum 
principal stress acts. 

(iii) P^R represents the direction of the plane on which the 
resultant OR acts. This plane makes an angle d with the 
plane on which the maximum principal stress acts. 

(iv) The angle ROP (a) is the angle of obliquity of the resultant 
stress OR on the plane represented by P^R. 

In problems where the directions of the principal stresses are un¬ 
known the diagram should be drawn with its axis in any convenient 
direction, say horizontal. When the directions of the principal stresses 
are found relative to a known plane the diagram should be rotated 



Principal Stress acts 

Fig. 45. —Variation of Normal and Shear Stress with Inclination 

OF Plane. 


until the correct orientation is obtained. Examples of this will be found 
in Chapter 7. 

It will be found helpful in understanding compound stress if the 
normal and shear stresses as given by the above equations are plotted 
on a base of 6 , as shown in Fig. 45. Two well-known principles are 
readily seen from these curves: 

(i) The greatest and least principal stresses are respectively the 
maximum and minimum normal stresses on any plane through 
the point in question. 

(ii) The maximum shear stress occurs on planes at 45® to the 
principal planes. 
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Convention of Signs 

Compressive stresses Eire plotted as positive, that is to the right of 
the origin. “Left-down/right-up” shear stress is plotted upwards and 
“Right-down/leh-up” shear stress downwards. The inclination 6 of 





any plane relative to the plane on which Oi acts is set out anti-clockwise 
from the horizontal axis. 
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Application to Shear Failure of Soils 

According to Coulomb’s Law, the condition of failure is that the 
shear stress 

tan <f> 


In Fig. 46 AB is the line denoting the condition of failure. Any state 
of stress which can be represented by a circle falling wholly below the 
line AB is safe. Circles touching AB^ such as those shown in the 
diagram, represent conditions of incipient failure. For a cohesive soil 
for which (^=0 (Fig. 46B) all such circles have the same radius, that is 

If the axis of the diagram represents the plane on which the greatest 
principal stress acts, the direction of the plane of rupture is represented 

by P^R. This plane makes an angle of 45°+^ with the datum. For 

cohesive soils for which ^=0 this angle obviously becomes 45®. 

For cohesionless soils the ratio of the principal stresses is the same 
for all circles touching the line AB, If C is the centre of the circle in 
Fig. 46c, then 


OC-CP^_ OC-CR _' OC_ i -sin ^ 
a,~OC-\-CPrOC+CR~ ~^CR~i+sin<i> 


It is easily proved that the ratio can be expressed in the form 


"=tan» 





Conjugate Stresses 

Let AB be a plane on which the resultant stress is and its angle 
of obliquity is Ui. Take another plane AC parallel to the direction of 
then the resultant stress, r,, on the second plane will be parallel to 
the first plane, and will therefore have the same obliquity. These 
stresses are called conjugate stresses (Fig. 47A). 

The theorem that conjugate stresses have equal obliquities is easily 
proved from the Mohr circle, which is drawn in Fig. 47B in its correct 
orientation. 

/\ /\ 

The angle /22^^i=i8o®—/2iP3/?2=i8o®->(90®-fai)=90®—Ui 
But i?2^/^i=90®—Qa 
Therefore 
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The ratio of the conjugate stresses is given by 

r2_0/?a 

vroR, 

From the geometry of the diagram it can be easily proved that 

Oi?2_cos a—\/cos^ a—cos^^ 

ORi cos aH-"v/cos2 a—cos*^ 

The ratio of conjugate 
stresses has an important 
application in the theory 
of earth pressure. 

6.3 SHEAR STRENGTH 
OF NATURAL SOILS 

For an ideal ma¬ 

terial whose physical pro¬ 
perties do not vary within 
ordinary ranges of stress the 
coefficients c and ^ are con¬ 
stants which can be deter¬ 
mined by carrying out two 
or more tests with different 
normal pressures acting on 
the plane of shear failure. 

If the shear strength is 
measured directly as in the 
shear box test (p. iii) the 
shear stress at failure is 
plotted against the stress 
normal to the shear plane 
giving a straight line of (h) 

which the slope is equal to Fig. 47. —Conjugate Stresses. 

tan (j) and the intercept on 

the axis of shear stress is equal to c. When the triaxial compression 
method (p. 116) is employed the Mohr circle for each test is drawn, and 
the common tangent AB, often called the Mohr envelope, determines 
the required values (Fig. 48). 

For soils, however, the coefficients c and ^ vary with the moisture 
content and density, and thus depend not only upon the state of the 
soil before loading but also on the drainage conditions which apply 
during the process of loading and shearing. Also, for some conditions 
of testing the Mohr envelope is only approximately straight. 
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Conditions of Shear Tests 

Shearing tests for soils may be classified as follows: 

[a) Immediate or Undrained Tests: the samples are subjected to an 
applied pressure under conditions in which drainage is pre¬ 
vented. The samples are then sheared, also under conditions of 
no drainage. 

{b) Consolidated-undrained Tests: the samples are allowed to con¬ 
solidate (or soften) under an applied pressure, and then sheared 
under conditions of no drainage. 

{c) Drained Test: the samples are consolidated or softened as in the 
previous test, but the shearing is carried out slowly under 
conditions of no excess pressure in the pore space. 

The terms “quick”, “consolidated-quick” and “slow” are sometimes 
used to describe these three types of test. In order to distinguish the 



Fig. 48.—Experimental Determination of c and <j>. 


coefficients c and for the different test conditions, the suffixes i/, cu 
and d are used to denote undrained, consolidated-undrained and 
drained respectively. 

Because of the high permeability of sand, consolidation occurs 
relatively rapidly and is usually completed during the application of 
the load. Tests on sand are therefore generally carried out under 
drained conditions. This is perhaps fortunate, since it is impossible to 
prevent drainage of the sand in the shear box, and hence undrained 
tests can be made only in the triaxial apparatus. 

For soils other than sands the choice of test conditions depends on 
the purpose for which the shear strength is required. The guiding 
principle is that the drainage conditions of the test should conform as 
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closely as possible to the conditions under which the 6oil will be stressed 
in practice. 

Immediate or undrained tests are generally used for foundations on 
clay soils, since during the period of construction only a small amount 
of consolidation will have taken place, and consequently the moisture 
content will have undergone little change. For clay slopes also, un¬ 
drained tests are used both for design and for the investigation of 
failures. 

Gonsolidated-undrained tests are used where changes in moisture 
content are expected to take place, due to consolidation, access of 
water or other causes, before the soil is fully loaded. An important 
example is the condition known as “sudden drawdown”, such as 
occurs in an earth dam behind which the water level is lowered at a 
faster rate than that at which the material of the dam can consolidate. 
In the consolidated-undrained tests used in this type of problem the 
consolidation pressures are chosen to represent the initial conditions 
of the soil, and the normal pressures during shearing to correspond to 
the stresses called into play by the action of sudden drawdown. 

As mentioned above, drained tests are nearly always used in problems 
relating to sandy soils. In clay soils drained tests are sometimes used in 
investigating the stability of an earth dam, an embankment or a 
retaining wall after a. considerable interval of time. 

Effective Normal Stress 

In Coulomb’s equation as usually stated it is incorrectly assumed 
that the total normal stress a on the shear plane governs the strength 
of the soil. The application of stress usually results in a temporary 
increase in the pore-water pressure, and the effective or intergranular 
stress o', on which the shear strength depends, is given by 

. a'=a—u 

A more fundamental form of Coulomb’s equation is therefore 

s=c' ~\-{a — u) tan tan (/>' 

The symbols c' and <^' indicate that these constants refer to effective 
stress instead of total stress. If the void ratio, density and pore pressure 
remained constant during the process of shearing, c' would be the true 
cohesion and cf)' the true angle of internal friction (f)f. The quantities 
and are generally difficult to measure and even if known would 
be unsuitable for practical application. 

The values of c and </>, whether referred to total stresses or to effective 
stresses, should therefore be regarded, not as fundamental soil proper¬ 
ties, but as empirical constants which depend on the conditions of 
testing or of loading in the field. The term c (or c') is usually called the 
apparent cohesion^ while (or <^') is known as the angle of shearing resistance^ 
Unless special measurements are made, the pore pressure, and therefore 
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the effective pressure, are unknown. Hence it is common practice to 
determine the apparent cohesion and angle of shearing resistance with 
reference to total stress, the conditions of the test being chosen to repre¬ 
sent as closely as possible those of the practical problem under 
consideration. 

Shear Strength of Sand 

The angle of friction, (^, for sand is not constant, but varies with the 
density of packing, being least when the sand is in the loose state. The 
angle of repose^ that is the angle to the horizontal at which a heap of dry 
sand will stand without support, is approximately the same as the 
angle of friction in the loose state. The angle cf) also varies to some 
extent with the normal pressure on the plane of shear. Some clean 
sands exhibit slight cohesive strength under certain conditions of 
moisture content, owing to capillary tension in the water contained in 
the voids. The cohesion of clean sand, which is in any case very small, 
is thus variable with change in moisture content and should not be 
relied upon in strength calculations. On the other hand, even small 
percentages of silt and clay in a sand give it cohesive properties which 
may be sufficiently great to be taken into account in stability analysis. 

Shear Strength of Saturated Clay 

According to Hvorslev’s theory, the true cohesion of saturated clay 
is proportional to /?, the pressure on the virgin consolidation curve 



Fig. 49. —Relation between True Cohesion, Consolidation 
Pressure and Void Ratio. 

corresponding to the void ratio e. This relation may be expressed as 

^e==XP 

where x is the coefficient of cohesion. From the virgin consolidation 
curve (the full curve in Fig. 493) the pressure corresponding to a 
given void ratio can be read off, and then by referring to Fig. 49A 
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the cohesion Cg {=xPo) is obtained. The dotted line in Fig. 493 is a 
p/e curve for overconsolidated clay. When the void ratio is the 
pressure is but since the corresponding pressure on the virgin curve 
is pQ the cohesion will be ^p^. Thus a point on the cohesion /pressure 
curve for the overconsolidated clay can be obtained by projecting the 
point D representing xPo horizontally to meet the ordinate at in D. 
The complete cohesion/pressure curve for the overconsolidated clay 
is of the form ACB. The 
true angle of friction 
probably also varies with 
Cy but to a much lesser 
degree. 

The sloping lines in Fig. 

50 show the relation between 
shear strength and effective 
normal stress for different 
void ratios. Thus OD2 
and OD2 are the true co¬ 
hesions corresponding to 
three values of the void 
ratio. The lines DiEi, etc., 
are drawn at an inclination 
equal to for that particular void ratio. 

Immediate Undrained Test ,—In Fig. 51 circle (i) represents an uncon¬ 
fined compression test in which the applied lateral stress is zero, 



Fig. 50.—True Coulomb Lines for 
Different Void Ratios. 



Fig. 51.—Undrained Tests on Clay at Void Ratio ei . 


and the shear strength is taken as half the compressive strength. 
Initially, due to relief of the pressure under which the soil was originally 





108 SHEARING RESISTANCE 

consolidated in the ground, there was a negative pore pressure. When 
the lateral pressure is zero the effective or intergranular pressure 
Oo is equal in magnitude to this pore pressure. Suppose that a triaxial 
test is made at the same moisture content, using a lateral pressure (T„, 
and that failure occurs when the maximum principal stress is cti. 
Since the water cannot escape, assuming the matrix of soil particles 
to be compressible and the water incompressible, this lateral pressure 

is almost entirely taken up by 
the water. The effective pres¬ 
sure is therefore practically un¬ 
changed when the lateral pres¬ 
sure (Tii, is applied. 

Circle (3) refers to effective 
stresses and is approximately 
the same for any value of (T„, 
since it is tangent to the true 
Coulomb line for the 

particular void ratio. It follows 
that circles such as (i) and (2) 
drawn for total stresses are of 
Fig. 52.—Relation between Apparent same radius as (3), and the 
Cohesion and Consolidation Mohr envelope is a horizontal 
Pressure. straight line giving an angle 

of shearing resistance (j>u=o, 

Consolidated-undrained Test ,—Here the test is carried out in two stages. 
The name “drained-undrained” would perhaps be more expressive, 




Fig. 53.—Drained Tests on Clay. 

since during the first stage drainage, and therefore consolidation, 
under a certain pressure /?2 is allowed to take place. The initial con- 
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solidation can perhaps best be regarded as a method of specimen 
preparation. During consolidation the void ratio of the soil has been 
reduced from €i to with a corresponding increase in cohesion. If 
several specimens consolidated under the pressure p2 are then sheared 
with different cell pressures the results will be similar to those of the 
immediate undrained test. Thus but the apparent cohesion 

now has a value corresponding to the new void ratio. 

Fig. 52 shows the results of consolidated-undrained tests in which 
the apparent cohesion c^u is plotted against the effective consolidation 
pressure. The curve is similar to the true cohesion curve in Fig. 49A. 
For normally consolidated clays Ccuy like the true cohesion, is pro¬ 
portional to the consolidation pressure, as shown by the line OB. 
When the clay has been overconsolidated this curve shows discon¬ 
tinuity, as shown by the dotted line AC. The slope of the line OB is 
called (f)cq by some authorities, the cq standing for “consolidated-quick.” 

Drained Test. —Here the total stresses are equal to the effective stresses. 
The Mohr circle for each test is tangent to the Coulomb line correspond¬ 
ing to the void ratio at which failure takes place (Fig. 53). The 
envelope of these circles is the line AB^ only approximately a straight 
line, giving the constants for the drained test q and and it will be 
noticed that is greater than (f>f. 

Undrained Tests with Pore-pressure Measurement. —^When the pore pressure 
is measured during consolidated-undrained tests, it is possible to deter¬ 
mine the Coulomb constants c and (f)' referred to effective stresses as 
given by the equation 

s—c'-\-{a — u) tan (f)' 

The values of c and (f> so found generally agree closely with Cfi and as 
determined from drained tests. 

Shear Strength of Cohesive Soil for which ^„>o 

The soils in this category include all partially saturated soils as well 
as certain saturated soils, notably silts, which exhibit the property of 
dilatancy. In partially saturated soils, even under test conditions 
allowing no drainage, some immediate volumetric change takes place 
owing to compression of the air under the action of the applied 
pressure. This change in volume is roughly proportional to the pressure 
(Tg and on account of the reduction in void ratio produces an increase 
in the true cohesion. The increase in true cohesion is manifest by the 
inclination of the Mohr envelope not being zero. A small proportion 
of the shear strength is probably due to surface tension and this will 
also increase with (T„i. The subject of the strength of unsaturated soils, 
however, has not yet been fully investigated. 

For undrained tests on saturated soils which tend to dilate or expand 
the change in pore pressure is not equal to the applied pressure cr„i. 
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In other words, the intergranular stress or„/ does not remain constant 
as in undrained tests on saturated compressible soils, but increases 
with (Tin. 

In Fig. 54 circle (i) is the Mohr circle with respect to applied stresses 
for an unconfined compression test, and circle (3) is the corresponding 
circle for intergranular or effective stresses. These are identical with 
circles (i) and (3) of Fig. 51, again being the initial pore pressure 
arising from the relief of the pressure under which the soil was originally 
consolidated. Circle (2) is the applied stress Mohr circle for an un¬ 
drained triaxial test with lateral pressure This pressure (T,u is partly 
balanced by an increase in effective stress, since when sheared the 
particle structure tends to expand. Thus the corresponding effective 
stress circle is (4), being greater than or^'. The common tangent to 
circles (i) and (2) gives and and it follows that ^„>o. 



Fig. 54. —Undrained Tests on a Dilating Soil at Void Ratio ei . 


Shear Strength of Remoulded Clay 

The effect of remoulding on the compressibility of clay is discussed 
on p. 85. Another important effect, known as sensitivity^ is softening 
or reduction of shear strength, which is probably due to two causes: 
disturbance of the arrangement of the molecules in the adsorbed 
layers, and alteration to the original structure of the soil. 

The degree of sensitivity S is defined as the ratio of the shear strength 
c of the undisturbed soil to that of the remoulded material The 
remoulding loss is the ratio of the reduction in strength to the undisturbed 

Q _ Q 

strength, that is, -For moderately sensitive clays the remoulding 

c 

loss approximates to the liquidity index. 

Sensitivity varies with the composition and structure of the clay, 
its consohdation history and its liquidity index. Thus overconsolidated 
clays of low liquidity index show little remoulding loss and are termed 
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unsensitive. Most ordinary clays, however, show a degree of sensitivity 
of 2 to 4. Clays for which S is from 4 to 8 are termed sensitive clays, 
while those for which S exceeds 8 are termed extra’-sensitive. 

That part of the loss of strength which is due to disturbance of the 
adsorbed layers is generally recovered if the clay is left with its moisture 
content unaltered. This phenomenon is known as thixotropy. 

The sensitivity of clay is often of great practical importance, as for 
example in the bearing capacity of piles driven into clay. Again, an 
incipient slip in a clay bank may if the clay is sensitive develop into a 
serious slide, owing to the softening of the disturbed soil. The procuring 
of samples of sensitive clays for test purposes presents difficulties since 
even slight disturbance during sampling may have considerable effect 
on the strength. 

Variation of Shear Strength with Depth 

In normally consolidated clay the shear strength shows an approxi¬ 
mately uniform increase with depth. At any depth the clay has been 
consolidated by the pressure of the overburden, and, as will be seen 
by reference to Fig. 52, the ratio c/p is the tangent of the “consolidated- 
quick” angle of shearing resistance. It has been found, however, that the 
rate of increase of shear strength with depth, that is, the ratio c jp, is 
often appreciably less than would be expected from consolidated- 
undrained tests on undisturbed samples. This discrepancy is probably 
due to the lateral pressures in the ground which have contributed to 
the natural consolidation being less in relation to the vertical pressures 
than in the laboratory consolidation process. 

6.4 DIRECT MEASUREMENT OF SHEARING RESISTANCE 

The original form of apparatus for the direct application of shear 
force is the shear box. This test, though simple in principle, is open to 
the objection that the stress distribution across the specimen is com¬ 
plex, and the value of the shearing resistance obtained by dividing the 
shearing force by the area is only approximate. Of other methods of 
measuring shearing resistance directly the vane test is the most impor¬ 
tant. In this the shear on a cylindrical surface is measured by the 
torque called into play to resist rotation. 

Constant-rate-of-strain Shear Box 

The apparatus (Fig. 55) consists of a square brass box split hori¬ 
zontally at the level of the centre of the soil sample, which is held 
between metal grilles and porous stones. A gradually increasing hori¬ 
zontal load is applied to the upper part of the box until the sample 
fails in shear. The shear load at failure is divided by the cross-sectional 
area of the sample to give the ultimate shearing stress. When the 
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shearing resistance under a normal pressure is required, a vertical load 
is applied to the sample through the piston by means of dead weights. 

The illustration shows a modern type of shear box apparatus, in 
which load is applied at a constant rate of strain. It was designed at 
the Building Research Station by Golder.^^ The lower half of the box 
is mounted on rollers and is pushed forward at a uniform rate by 
gearing. The upper half of the box bears against a steel proving ring, 
the deformation of which is shown on the dial gauge and indicates 
the shearing force. To measure the volume change during consolidation 
and during the shearing process another dial gauge is mounted to 
show the vertical movement of the piston. 

For drained tests water escapes or enters the specimen through the 
porous stones and the perforated metal grilles. For undrained tests 
solid metal grilles are used instead of the perforated type. Because of 
the shortness of the drainage paths, however, undrained tests can be 
carried out only on soils of low permeability. 

The size of shear box normally used for clays and sands is 6 cm 
square and the sample is 2 cm thick. A larger size, 12 in. square with 
a thickness of 6 in., is sometimes used for gravelly soils. 


Normal load 



Vane Test 

In the laboratory form of this test, a cruciform vane mounted on a 
thin steel rod is pushed into a sample of soil. By slowly rotating the 
sample the experimenter imparts a torque to the vane. The value of 
the torque is indicated by the angle of twist on a defined gauge length 
of the torque rod, the angle being measured optically. The shear 
strength c of the clay is given by the expression: 

where T is the torque, d the diameter of the vane and h the height of 
the vane. The test is particularly suited for very soft clays and for 
sensitive clays for which suitable compression specimens cannot easily 
be prepared. 
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The dimensions of a typical vane for laboratory use are shown in 
Fig. 56. For in situ measurement of shear strength a large vane of 
similar proportions is mounted on the end of a high-tensile steel 
rod, and can be pushed into the undisturbed soil at the bottom of a 
borehole. At the top the rod carries a torsion head, with arrangements 
for turning at a uniform angular 
velocity and for indicating the 
magnitude of the torque. 

A form of this apparatus was 
evolved for measuring the surface 
bearing capacity of soils for mili¬ 
tary tracked vehicles.*^^ A type of 
vane test suitable for measuring 
shear strength at considerable 
depth was developed in Sweden,®* 
and similar apparatus has been 
used in Britain for depths as great 
as 100 ft. In tests carried out in 
alluvial clay at Grangemouth®* it 
was found that at depths less than 
45 ft. the shear strength as 
measured by the vane test was in good agreement with that obtained 
from tests on undisturbed samples. Below that depth the vane test 
results were considered to be more reliable. 

6.5 INDIRECT MEASUREMENT OF SHEARING 
RESISTANCE 

In order to obtain conditions approaching more nearly to those of 
uniform stress, compression tests have been devised. The two forms in 
general use are: 

Unconfined Compression Test. —This is suitable only for cohesive soils 
and for measuring the shear strength under zero lateral pressure. The 
apparatus is portable and can be used in the field. 

Triaxial Compression Test. —A cylindrical specimen is maintained 
under steady lateral hydrostatic pressure, while the axial pressure is 
increased until failure occurs. The apparatus is more complicated than 
that required for the unconfined compression test, but is of more 
general application and can be used for either sand or clay. 

Penetration Tests. —The resistance of soil to penetration by a con^ or 
cylinder also gives an indication of strength. The results of such tests are 
empirical, but can be indirectly correlated with shearing resistance 

Unconfined Compression Test 

This test requires an undisturbed sample of cylindrical form, usually 
of 3 in. effective length and 1*5 in. diameter. It is loaded in compres- 
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Fig. 56.—Vane used for Laboratory 
Shear Test. 
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sion until failure takes place, either by shearing on a diagonal plane 
or by lateral bulging. The compressive stress (load per unit area) is 
then the greatest principal stress, o',, and the other two principal 
stresses are zero. The test is used for undrained tests on cohesive soils 
whose angle of shearing resistance is zero or very small. 

Theory. —Fig. 46 shows that if <f>=o half the difference of the 
principal stresses (the radius of the circle) represents the shear stress 
at failure, and that this failure occurs on a plane inclined at 45® to the 
plane on which the maximum principal stress acts. If o is reduced 
to zero by leaving the sides of the specimen unsupported, the shear 
stress at failure is half of the maximum principal stress. 

Since the true angle of friction <l)f generally has a value greater than 

zero, the plane of failure makes an angle of 45®+^ with the plane on 
which the maximum principal stress acts; that is, shearing takes place 



Fig. 57. —Mohr’s Circle for Unconfined Compression Test, 


at an inclination of 45° to the axis of the specimen (Fig. 57). The 

shear strength on this plane is less than half the compressive strength. 
From the diagram (Fig. 57) 


sin 


(Tj . , a,+ 2r cot if 

-+c cot if ^ 

2 


whence c= 


(Ti(i —sin if) 
2 cos if 


It has been pointed out that most clays possess an angle of friction, 
although the angle of shearing resistance appears to be zero in un¬ 
drained tests. This fact is shown in the unconfined compression test, 
and also in the triaxial test, when the specimen shears on a well-defined 
plane of rupture. The inclination of this plane is nearly always at an 
angle less than 45® to the axis of the specimen. It is, of course, possible 
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in this way to obtain only a very rough approximation to the angle of 
friction. 

Apparatus .—The machine is shown in Fig. 58. The specimen A is 
placed between two metal cones B carried on horizontal loading 
plates D. The upper plate is fixed, while the lower one slides on the 
vertical rods E. The plate C is supported through the spring F by a 
screw G and can be raised by turning the handle H so as to apply a 
compressive load to the specimen. 

The stress-strain diagram is plotted autographically. The vertical 
chart plate J moves upwards with the yoke to which the top of the 
spring is attached. The pen arm pivot K moves upwards with the 
lower end of the specimen; thus the vertical movement of the pen 
relative to the chart is equal to the extension of the spring and there- 



Fic. 58. —Unconfined Compression Apparatus. 


fore proportional to the load. As the lower plate D moves upwards 
the pen swings sideways, the weighted arm L bearing on a stop. The 
lateral movement in arc of the pen is thus proportional to the com¬ 
pressive strain on the specimen. As the specimen is compressed its 
cross-sectional area increases, and in order to read stress direct from 
the chart a transparent mask is used on which constant stress lines 
are inscribed. 

In order to extend the range of soils over which the machine can 
be used, springs of different stiffnesses may be provided. For each 
spring a calibrated mask is available for use with the standard specimen 
3 in. long by 1*5 in. diameter. An additional mask is sometimes 
provided for use with a smaller specimen, 2 in. long by i in. diameter. 
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Procedure .—Undisturbed samples for this test are obtained by means 
of a soil auger and a special sampling tube, as described in Chapter 14. 
To prepare the sample for testing it is first pushed out by the core 
extractor so that it projects about 0*25 in. from the lower (or cutting) 
end of the tube. The projecting soil is cut off and the end shaped to 
fit the cone B (Fig. 58). The specimen is then pushed upwards the 
correct distance and the top end trimmed and coned. The sample is 
then pushed out ready for testing. 

A suitable spring having been fitted, the sample is carefully set up 
in the machine and the recording pen set. The operating handle is 

turned at about half a 



turn per second until the 
specimen fails. 

Triaxial Compression 

Test’® 

Theory .—Let be the 
lateral pressure and the 
axial pressure at failure. 
The Mohr diagram is 
then as shown in Fig. 59 a. 

At least two tests at 
different lateral pressures 
must be made to deter¬ 
mine the two unknowns 


0 ^) 


c and <l>. In practice 
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Fig. 59.—Mohr’s Circle for Triaxial Compression Test. 


(Reproduced by permission of the Director of Road Research. Crown Copyright Reserved.) 

several tests are carried out and the Mohr diagrams drawn. A straight 
line touching the circles as nearly as possible gives c and <f>. An 
example is shown in Fig. 59B. 
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Apparatus. —^The apparatus is shown diagrammatically in Fig. 6o. 
The sample is in the form of a cylinder 3 in. long by 1*5 in. diameter, 
and is tested inside a perspex cylinder filled with water under pressure. 
To seal the specimen off from the pressure water surrounding it, it is 
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A is the connection to pore-pressure measuring equipment and volume-change recorder. 
B is the connection to the pressure ^stem. 


enclosed in a thin rubber membrane. Specimens 8 in. long by 4 in. 
diameter are being used to an increasing extent, and even larger tri- 
axial tests have been made in research programmes. 

The pressure is raised to the desired value by means of a pump, 
and vertical loading is applied by moving the piston rod downwards 
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at a constant rate. The load is measured by a steel proving ring, the 
deformation of which is shown on a dial gauge. 

For clay, undisturbed samples are trimmed to the correct size. For 
consolidated tests the metal caps and bases are provided with porous 
plates to enable drainage to take place during consolidation. During 
the compression test the outlet valve is shut for undrained conditions 
ico ___and open for drained. 
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For undrained tests 
solid end pieces are 
substituted. 

The use of the rub¬ 
ber tube enables tests 
to be made on non- 
cohesive soils for which 
the unconfined com¬ 
pression test is imprac¬ 
ticable. Loose material 
is filled into the rub¬ 
ber tube, temporarily 
supported in a metal 
former. The sample is 
then placed in the 
machine and flooded 
with water through 
the porous base. A 
vacuum is applied to 
ensure that all air is 
extracted, and the 
metal support is re¬ 
moved. The perspex 
cylinder is then placed 
in position and the 
lateral pressure ap¬ 
plied. 

Penetration Tests 


Fig. 6i.- 


0 0.t 0.2 

Horiz/ontal movement in inches cone pene¬ 

tration test a brass 
cone of go degrees 
angle is pressed into 
the surface of a soil 
sample in a metal 
container, and the resistance at a specified penetration is measured. 
The resistance to penetration does not bear a simple relation to the 


“Load/Deformation Curves for 
Sand during Shear. 

{Reproduced by permission of the Director of Building Research, 
Crown Copyright Reserved.) 
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shear strength, but for cohesive soils it gives a rough indication of the 
strength. 

The cone principle is made use of in the Dutch deep-sounding ap¬ 
paratus (see p. 301), as well as in the South Dakota cone test for 
the empirical design of pavements\ In other types of penetration 
test a flat disc or plate is pressed into the soil. Such tests are usually 
intended for the determination of the bearing capacity or the deforma¬ 
tion characteristics of the soil, and can therefore hardly be considered 
as shear tests. 

6.6 DEFORMATION AND FAILURE UNDER SHEAR 

During both direct and indirect tests for shear strength of soils a 
study of the deformations undergone by the sample is instructive. For 
example, the volumetric change shown by sand under shear may 
indicate a critical state for that particular material. The nature of the 



Fig. 62.—Load/Deformation Curve for Clay during Shear. 

{Reproduced by permission of the of Road Research. Crown Copyright Reserved.) 


deformation of clay shown during the indirect measurement of shear 
strength gives a guide to its stiffness and plasticity. 

During Shear Box Test 

Typical examples of the deformation curves obtained from the shear 
box test are shown in Fig. 61 and 62. 

Fig. 61 shows shear stress /horizontal deformation curves for dense and 
loose sand, and also the relation between the vertical and horizontal 
displacements during the test. It will be seen that the dense sand ex- 
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pands until failure occurs, when the shearing resistance drops, and after 
this a slight decrease in volume may occur. Loose sand, on the other 
hand, compacts under the shearing action and its ultimate resistance 
approximates closely to that of the dense sand after failure. There is thus 
a critical density, or range of densities, for which the change of volume 
under the action of shear is negligible. 

Thus sand in the loose condition, that is with its density less than the 
critical, is liable to “shake down” under the action of vibrations or dis¬ 
turbances such as slight earth tremors or near-by pile-driving. The 
result is settlement, and if the sand is saturated its stability may be 
seriously impaired. Naturally occurring sands and gravels usually have 
a density greater than the critical and are therefore not affected in this 
way, but some deposits of fine uniform sand occur at densities below the 
critical and may in consequence be treacherous. 

The critical density of sand can be determined by carrying out the 
shear box test at several different degrees of compaction. The critical 
density is that at which neither expansion nor contraction takes place 
during shearing. 

During Unconfined and Triaxial Compression Tests 

The stress/deformation curves obtained from the unconfined com¬ 
pression and triaxial compression tests are similar in general shape to 



Fig. 63. —Stress/Deformation Curves for Unconfined Compression Test. 

the shear test curves. The triaxial test, of course, shows less deforma¬ 
tion for a given load than the unconfined compression, as the bulging 
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is restrained by the lateral pressure. Typical examples of the results 
of unconfined compression tests are shown in Fig, 63. 

The failure of compression specimens usually takes one of the two 
forms shown in Fig. 64. In the brittle type of failure the specimen 



Fig. 64.—Types of Compression Failure. 


shears on diagonal planes. In the plastic type the material bulges 
and ultimately fails by sliding simultaneously on numerous planes. 
The former type of failure is generally obtained with sands and 
sandy clays, and sometimes with stiff clays. Soft plastic clays usually 
fail by bulging, and this type of failure is sometimes obtained from 
the triaxial test on certain sands with a high void ratio. 




CHAPTER 7 

EARTH PRESSURE 


Notation 

a depth of tie bar below top of sheet piling 

^ depth 

y bulk density of soil 

Pa active pressure 

<!> angle of internal friction 

Ka coefficient of active pressure 

Ko coefficient of earth pressure at rest 

K coefficient of passive resistance 

coefficient tan*^45° —for cohesive soil 
^ angle of surcharge 

^ angle of friction between soil and back of wall 

^ angle between back of wall and horizontal 

® angle between active thrust and vertical 

Pa active thrust 

W weight of wedge 

R resultant reaction on plane of rupture 

H vertical height of wall 

cohesion per unit area 
C cohesion (force) 

cohesion per unit area between soil and wall 
Cy, cohesion (force) between soil and wall 

Ic depth of tension cracks 

Pp total passive resistance 

pp passive resistance per unit area 

E passive thrust on upper wedge 

r radius of slip circle 


The two extremes of pressure to which a retaining wall may be sub¬ 
jected are: 

(i) the active pressure of the soil resulting from a slight movement of 
the wall away from the filling, and 

(ii) the passive resistance to slight displacement of the wall towards the 
filling. 

The active pressure is a minimum value, and occurs when the wall is 
at the point of failure by moving away from the filling. The passive re¬ 
sistance is the maximum pressure to which the wall is subjected im¬ 
mediately before failure occurs by heaving up of the soil. 

The magnitude of the active pressure and the effect such pressure has 
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on the stresses within the wall have been the subject of much study and 
experiment.*® Two principal methods of approach have been adopted, 
generally known as Rankine’s theory and the Wedge theory. Both 
depend on the conception that the soil filling is slightly expanded in a 
horizontal direction until surfaces of failure appear within its mass. In 
practice, such expansion of the material is achieved by a slight forward 
movement of the retaining wall—the commonest method of failure— 
or by its rotation away from the filling, about an axis in its lower 
edge. 

The allied subject of the passive resistance offered by soil to any slight 
movement of the retaining wall towards the filling is also of importance 
to civil engineers, and may be studied by methods similar to those 
adopted for the discussion of active pressure. The soil is considered to 
suffer a compression of an amount sufficient to cause surfaces of failure 
to appear within its mass. 

Further variables which must be introduced into this subject are 
represented by the properties of the soils themselves. The earliest deriva¬ 
tions of earth pressure were made on the assumption that the soil was 
cohesionless. It was long before any successful attempt was made to 
understand the nature of the pressure exerted by soils possessing 
cohesion. 

In this chapter the active pressure of both cohesionless and cohesive 
soils is first considered. This is followed by a study of passive resistance, 
and then attention is paid to the problems encountered when the surface 
supporting the soil fails by some movement other than pure translation 
or rotation about its lower edge. 

The coefficient of active earth pressure, Kay is defined as the ratio of the 
active earth pressure normal to a plane surface to the corresponding 
pressure in a fluid of the same density. 

The coefficient of passive earth pressure, Kp, relates the passive earth 
pressure on a plane to the corresponding fluid pressure. 

Earth Pressure at Rest: —Although the active and passive pressures 
are of paramount importance in engineering design they do not 
represent the most usual pressure condition to which retaining walls 
are subjected. The active pressure which finally causes overturning or 
sliding of the wsdl occurs when the wall shows a tendency to movement. 
As the wall moves even slightly away from the filling, the pressure 
drops in value to that of the active condition. The earth pressure at 
rest, which the wall sustains without movement, is, therefore, greater 
than the active earth pressure. 

The coefficient of earth pressure at rest, K^, is the ratio of the earth 
pressure on a plane to the corresponding fluid pressure, when there 
is no movement. Thus if the weight of soil above any depth z (the 
vertical pressure on a horizontal plane) is yz then the horizontal earth 
pressure at rest is K^yz* For sands varies between 0*4 and o*6. Clays 
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can support themselves for some depth below the surface, so the coeffi¬ 
cient of earth pressure at rest can be applied only at a considerable 
distance below the surface. For clays under these conditions the value of 
Ko is 0*5 to 0-75.^® The engineer is seldom, if ever, concerned with the 
coefficient of earth pressure at rest, the active (least) and passive 
(greatest) pressures being of greater importance. 


7.1 ACTIVE PRESSURE OF GOHESIONLESS SOIL 

The two different methods of calculating earth pressure were de¬ 
veloped mathematically by Coulomb in the eighteenth century and by 
Rankine in the nineteenth. Both made the assumption that the material 
behind the retaining wall is a dry cohesionless granular filling. It is 
seldom that such a filling (e.g., dry sand) is encountered in practice, but 
a study of Coulomb’s and Rankine’s original methods (both of which 
were later adapted and extended in scope) is of value in understanding 
the developments used at the present time. 


Rankine’s Method when the Surface is Horizontal 

Rankine did not study the pressure of the earth on the back of a 
retaining wall, but considered the stresses developed within the mass of 
soil by reason of its own weight. Fig. 65 shows that at a depth z an 
elemental portion of the soil is acted upon by two principal stresses; the 
maximum, yz^ is equivalent to the weight of a column of soil of depth 
and the minimum, pa^ is the active pressure whose value is to be deter¬ 
mined. 

The ratio between two principal stresses can readily be determined 
by means of Mohr’s Circle (Chapter 6). In the dry granular soil con¬ 
sidered, no resultant stress (on any plane) can have a greater obliquity 
than the angle of internal friction OR and OQ^ (Fig. 65) therefore 
represent the limiting tangents within which the Mohr’s Circle must be 
inscribed. Any circle fulfilling this condition gives the positions of 
and Pg. The ratio of the maximum principal stress to the minimum is 
then OPJOP^, or OPg represents the horizontal earth pressure to the 
same scale as that to which OPi represents the weight yz» 

^(difference of principal stresses) 


OC ^(sum of principal stresses) 


yz 


. tan 

i+sin^ 2/ 

Therefore pa—yz tan*|45°— 

This is often written as pa~Kayz 

OR represents the resultant with maximum obliquity, and it acts on 
the plane on which shear failure takes place. The direction of this plane 
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is given by joining RP^ (or and, from the geometry of the figure, 

this plane makes an angle of 45® —^ with the direction of the maximum 

principal stress. It can be imagined that if the soil is allowed to expand 
slightly, planes of failure such as are shown in Fig. 65B will develop. 



Fig. 65.—Cohesionless Soil: Rankine’s Solution for Active 
Pressure (i). 

Rankine's Method when the Surface is inclined to the 
Horizontal 

Here again (Fig. 66) Rankine’s method is to consider the equilibrium 
of an elemental portion of the material at depth The weight of the soil 
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acts vertically, and the earth pressure considered is the stress which is 
conjugate to the vertical weight. The earth pressure on a vertical plane 
thus acts parallel to the smface, an assumption which leads to some 
inconsistencies and errors when applied to retaining walls. 

This time the direction of the maximum principal stress is not known, 
and the Mohr’s Circle diagram cannot be drawn in its correct orienta¬ 
tion at the first attempt. For convenience the principal stress axis is 
drawn horizontally (Fig. 66 a) and 0 V and OH set off at /8 to the line 
OPiy p being the obliquity of the resultant stresses on the conjugate 
planes considered (Fig. 66c). OV represents the known value of the re¬ 
sultant yz cos P, and a circle passing through V and tangent to the limit¬ 
ing lines OR and locates the points Pi and Pg* OH represents the 
value of the active pressure pa and the angle VP^H represents the angle 
between the planes on which y-e: cos /3 and pa act. When the Mohr’s Circle 
diagram is in its correct orientation, VP^ should be parallel to the sur¬ 
face of the soil, and Pg//should be vertical. Fig. 66 b shows the diagram 
correcdy orientated and indicates the directions of the planes of failure 

(PgP and PgQ,). These planes still make an angle of 45®—^ to the direc¬ 
tion of maximum principal stress. (In drawing the diagram the sign 
convention of p. loi should be followed.) 

If this problem is solved analytically, as was done by Rankine, the 
ratio pa to yz cos ^ is found to be 

cos /?—\/cos^ —cos2 (f> 
cos /3 -f \ cos '^ —cos^ <!> 

The maximum value which is possible for ^ is <^. The stresses pa and 
yz cos are then equal. For this condition the above expression reduces 
to cos </). It will be noted that in the above treatment only the pressure 
on a vertical plane is considered. 

The Wedge Theory 

This method, first developed by Coulomb, is of wider applica¬ 
tion than Rankine’s method, and has been developed by various 
writers and experimenters to suit the conditions encountered in 
practice. 

Instead of considering the equilibrium of an element within the mass 
of the material, Coulomb studied that of the whole of the material sup¬ 
ported by a retaining wall when the wall is on the point of moving 
slightly away from the filling. If the wall is entirely removed, the 
material will finally settle at the angle of internal friction. The material 
considered is still a dry granular sand, and BD (Fig. 67A) represents its 
final plane of repose. When the wall moves forward only slightly, how¬ 
ever, the surface of failure will not form immediately at the angle ^ but 
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mil develop somewhere between the waU-and the plane BD, at sav BC 

of rupture £Chas been shown by experb 

pr- ^ two-dimension^ treat- 

naent zjo is always drawn straight. 
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The problem is to determine^the position of the plane of rupture BC for 
which the wedge ABC will produce the maximum pressure on the wall. 


Analytical Derivation of Conditions for Maximum Pressure 
from Coulomb’s Wedge 

The forces acting on the wedge are shown in Fig. 67B, and the result¬ 
ing triangle of forces in Fig. 670. It is to be noted that, since the wedge 
tends to slip down behind the wall, the forces Pa and R will act upwards 
in resistance to this movement and have their maximum possible 
obliquity. R acts at the angle of internal friction to the normal to BC and 
Pa at the angle of friction to the back of the wall. This angle, 5 , cannot 
exceed 0, but may be somewhat smaller, depending on the type of wall 
concerned. 

The angle a between Pa and the vertical is seen from the geometry 
of the figure to be 180 ®—0 —d. An arbitrary plane of rupture BC having 
been assumed, AF is drawn from A to make an angle of a with BDy and 
CE is drawn parallel to AF. It is required to determine the conditions 
under which Pa is a maximum. 

Weight of the Wedge.— W^yxAABC=y{AABD-ABCD) 

b . , . 

=y ^ sin a{a —x) 

Value of Pa- —The triangle of forces is similar to the triangle BCE. 
Therefore P«= [a-x)sm a 

C 2C 

But c=b—kx, where k is the ratio DEjCE 

Therefore P^= Aa—x)sm a 

2{b—kx) 

Condition for Maximum Pa -— 

(b —kx){a— 2 x) -{-kx{a—x)==o 
dx 

Therefore {a—x){b—kx-]rkx) —x{b—kx)=o 
or {a—x)b—cx 
Multiply by \ sin a 
Then \ba sin a — \bx sin a== sin a 
or AABD-ABCD==ABEC 
Therefore AABC= ABEC 

or, in words, the criterion for maximum thrust Pa is that the triangles ABC and 
BEC should be equal in area. 

Also c— (a—x) 

X 


o 
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Substituting this value of c in the expression for 

sin a 

Value of c .—The equal triangles ABC and EEC have a common base 
PC, and are therefore of the same height. The sides CE and AG being 
parallel are therefore equal in length, that is AG=x and GF=a—x, 
Comparing the triangles DAF and DCE, 


and comparing the triangles BCE and PCF, 


The difference of these expressions is 


\b—c cj 


whence c^=bd 

Value of X ,—It is shown above that 

b , 


c= ^ {a~x) 


Therefore cx-^bx=ab 
ab 


Summary .— 

a=:i8o®—0—(5 
c^'s/bd 
_ ab 
t ~|-r 

P^==\yx^ sin a 

Coulomb obtained the value of the active pressure pa at depth z in one 
expression; 

sin»(0-^) ... s 


Pa=yz- 


sin* 0 sin( 6 +< 5 )J i + 


V sin (d -f sin — fi) ] 

sin {() -\-d)sin{d —fi) | 


^—K^yz sec S 


where Ka is the coefficient of active pressure, i.e. the ratio of the normal 
component of pressure to yz- 

The total thrust P^ on a vertical wall of height H is therefore 

p// 

pJz=\K,yH^ sec I 


Example on the Use of the Analytical Method .—A wall slopes away from 
the filling at an angle of 8o® to the horizontal ( 0 = lOo®). The angle of 



ACTIVE PRESSURE OF COHESIONLESS SOIL 


131 


surcharge (P) is 5®, the angle of shearing resistance 33°, and the angle of 
wall friction 24®. The wall is 20 ft in vertical height and the filling 
weighs 110 lb/ft®. Find the value of the maximum earth pressure. 

The relevant triangles of Fig. 67 are reproduced with the same letter¬ 
ing in Figs. 68a and 68b. 

From Fig. 68a 


a~ 180° —6 —d— 180® —ioo°—24®=56 

o 20 cosec 80® 

sin 67° sin 56® 

d 20 cosec 80® 

sin 57® sin 56® 


whence ^=22*6 ft 
whence r/=20*5 ft 


From Fig. 68b 

h 20 cosec 80® 
sin 85® sin 28® 

ft 
ab 


Therefore 

and 


b -f c 


whence ^=43*0 ft 
: 29-7 ft 
=13-4 ft 


Value of P,/. 


P,,^\yx^ sin a=55 X 13*4* sin 56®= 8,180 lb 


D 



Fig. 68.—Numerical Example of Active Pressure. 


Graphical Methods for Wedge Theory 

Several graphical methods may be employed to determine the value 
ofP,. 

Method of Trial Wedges ,—This method is simple in principle and is 
particularly useful where the conditions arc not of the simplest and 
most uniform kind. Fig. 69 shows a wall supporting material with an 
irregular upper surface. The material supported is in two layers hav¬ 
ing different bulk densities. The three forces acting are R and 
the weight W. 
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Several planes of rupture are chosen, and the weights IV of each of the 
wedges are calculated. These weights are set off upwards from the 
point X (Fig. 693) to points Tj, T*, etc. The reaction R always acts at an 
angle <f) to the normal to the plane of rupture. 

Vectors are drawn from X defining the directions of the reactions R 



on the various planes, and lines are drawn from etc., parallel to 

the direction of By drawing a curve through the vertices of the force 
triangles the maximum value of is determined for use in the design 
of the wall. 

Rebhann's Construction (Fig. 70).—^This method requires that the sur¬ 
face AD and the line BD should meet within the limits of the drawing 
paper, which restricts to some extent the application of the construction. 
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Procedure ,— 


(i) Draw AF at angle a to BD (a= 18o® —6 —d ). 

(ii) Draw a semicircle on BD as diameter. 

(iii) Erect a perpendicular to BD from F to cut the semicircle in X. 

(iv) With centre B and radius BX draw an arc cutting BD in E, 

(v) Draw EC parallel to AF, 


EC is then the length x required to determine using Tthe ex¬ 
pression 


Proof ,— 


^a—\yx^ sin a 

{BE) 2= {BX) »= {FX )»+ {FB )» 
=FB{FB-{^FD)=bd 


This is the relationship already shown to exist when the thrust Pa is 
meiximum. 



Fig. 70.—Rebhann’s Construction for Active Pressure. 

CulmanrCs Construction (Fig. 71).—^This method is of more general ap¬ 
plication than Rebhann’s, and does not depend on being able to locate 
the intersection of AD and BD on the drawing paper. It is really a 
simplified form of the more general trial wedge method described on 
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p. 131, applicable when the soil is of uniform density and the surface 
is level or of uniform slope. The procedure is as follows: 

The line BD is drawn at the angle of internal friction to the horizontal. 
Whatever the shape of the earth surface above the wall, an arbitrary 
plane of failure, BC, may be selected. Let HK be set off at some point H 
at an angle a to the line BD, The triangle of forces (Fig. 67c) is now 
similar to the triangle BKH, We have, therefore, 



Fig. 71.—Culmann’s Construction for Active Pressure. 


weight of wedge ABCx 

Thus, if BH represents to some scale the weight of the wedge ABC per 
foot length of wall, then HK represents to the same scale the total thrust 
Pa per foot run of wall. Similarly, for another plane of rupture, BC\ 
BH' is set out equal to the weight of the wedge and the line H'K' 
drawn. A number of arbitrarily chosen planes of rupture give points 
through which the Culmann Line BK'K is drawn and the maximum 
value of Pa scaled off. 

If die upper surface of the soil is plane there is no need to calculate the 
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weights of the various wedges. The weight of any wedge ABC is 
\y,ABX and the thrust 



The points such as H' are located by setting out from B lengths pro¬ 
portional to /. The maximum value of H’K' is chosen from the Gul- 
mann Line and used in the expression for 

Wall Friction 

The question of whether wall friction should be taken into account 
when computing earth pressure has always been the subject of con¬ 
troversy. As, however, the basic assumption in the generally accepted 
theories of earth pressure is that the wall yields very slightly, it seems as 
reasonable to assume that the frictional resistance between the earth 
and the wall is brought into play as to allow for friction along planes of 
rupture in the soil itself. Experimental results generally bear out this 
assumption, though it is difficult to obtain exact data as to the magni¬ 
tude of this resistance. Packshaw^^ points out that there does not appear 
to be any direct relation between the angle of wall friction and the angle 
of internal friction. For cohesionless soils he states that 6 probably has 
some value between 17° and 30®. It seems reasonable to assume a value 
for d between and |<^. The Code of Practice “Earth Retaining 
Structures”®* recommends that in the absence of definite test data 
d should be taken as 20® for walls of concrete or brick, as 30® for steel 
piling coated with tar or bitumen, and as 15® for uncoated steel 
piling. 

It is frequently stated that Rankine’s theory disregards wall friction. 
This statement is apt to be misleading. For a vertical wall face with the 
earth surface horizontal the pressure is assumed to act normal to the 
wall, and there is therefore no friction. For sloping earth surfaces, how¬ 
ever, the pressure on a vertical plane is assumed to act parallel to the 
earth surface, and therefore has both normal and shear components. 
When the vertical plane in the earth is replaced by a wall surface the 
shearing resistance of the soil on this plane must be replaced by friction 
along the wall face. If the inclination of the earth surface, is less than 
the angle of wall friction, d, this frictional resistance is of course less than 
the limiting friction. 

Comparing the results obtained by taking wall friction into account, 
using the equation for on p. 130, with those given by Rankine’s theory, 
it is found that the magnitude of the resultant thrust is reduced. Also, its 
inclination is increased, further reducing the overturning moment 
on the wall. 
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For a vertical wall with the earth surface horizontal a simple approxi¬ 
mate method is to compute the thrust by Rankine’s method and to 
multiply it by a correction factor to give the horizontal component of 
the thrust allowing for wall friction. The actual thrust is obtained by 
dividing this component by cos d, and is assumed to act at an angle d 
with the normal to the wall. 

The correction factor varies only slightly with </> and the following 
values are a fair approximation. 

Angle of mu ( mdge) 

Friction ^ Ka (Rankine) 

15° 0*90 

20° 0-86 

25" 0*83 

30"* o*8o 

Referring to the formula on p. 130 for earth pressure according to the 
wedge theory, if 6=90® (vertical wall) and (earth pressure acting 
parallel to the surface) the results obtained by Rankine’s theory and 
those obtained by the wedge theory are identical. 


7.2 ACTIVE PRESSURE OF COHESIVE SOIL 

In cohesive soils the angle of shearing resistance under conditions of 
limited drainage is generally taken as zero, and the cohesive strength 
is therefore independent of the forces acting within the material. 
Further, since cohesive soils are capable of sustaining only a small 
tensile stress, cracks develop at the upper surface of the filling behind 
a retaining wall. The action of cohesive forces and the appearance of 
tension cracks are two factors which influence considerably the deter¬ 
mination of the active pressure of cohesive soils. The two methods 
generally used for this purpose are modifications of those previously 
described for calculating the active pressure of cohesionless soils. 

Bell’s Solution^*^ 

The application to cohesive soils of the principle of conjugate stresses 
is shown in Fig. 72. The general case of a soil possessing both cohesion 
and an angle of shearing resistance o is considered. Since the cohesion 
c is assumed to have a fixed value for a given soil the Mohr’s Circle 
diagram must be drawn to scale. The results obtained depend on scaled 
dimensions and not merely on ratios of dimensions as was the case with 
cohesionless soils. 

In Fig. 72 the limiting tangent to the Mohr’s Circles is LP. This 
line produced back meets the axis at a distance c cot <f> from 0 . When 
the earth surface is horizontal OP3 represents the active pressure 
and OPj the vertical pressure yz* 
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The ratio =A-*=tan445°-^) 

QPj c cot <f>-^yz ^ \ 2/ 

From this, putting tan^|45°— 

Pa=K^Y^ + {K^—i)c cot <f> 

^ I +sin (p I +sin (j) 


Thus (A*^—i)cot <^= 


—2 sin (f) cos (f> _ 2 cos <f) 

(i -f sin <f}) sin ^ i +sin ^ 


=-2 tan |45°_^j=_2V'A^ 
Therefore pa=K,i^yz—2c\/K,i^ 


Thus, comparing two soils, one cohesive and the other cohesionless, 
having the same bulk density and angle of shearing resistance, the 



Fig. 72.—Cohesive Soil: Mohr's Circus Solution for Active Pressure. 


cohesive soil, being more self-supporting, exerts a smaller pressure on the 
retaining wall than does the cohesionless soil, the difference being 

The pressure distribution on a vertical wall is as shown in Fig. 73. 
Theoretically, down to a depth Zc the active pressure is negative, i.e. 
tensile. This critical depth, at which pressure begins to act on the back 
of the wall, is obtained by putting 


K^yZc^^^WK^ 


2C _ 2C 

y^/K^ y 


tan 



or 
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When the angle of shearing resistance of the clay is zero the critical 
depth is 

y 

It should be assumed that there can be no tension between the wall 
and the soil down to a depth The active thrust per unit length of 
wall is then the area of the lower triangle in Fig. 73, that is, 

P=\K^y{H-Zc)^ 



Fig. 73. —Cohesive Soil: Pressure Distribution 
ON A Vertical Wall. 


The thrust can also be obtained by integrating the expression for pa 
between the limits and z=H, The thrust is then 

which can be proved to be identical with the expression for P^ given 
above. 


Wedge Theory (active) 


The solutions so far obtained for cohesive soils do not take into ac¬ 
count the cohesion or friction on the back of the wall and are therefore 
of limited application. The wedge theory can be applied over a much 
wider field, and results obtained graphically to a sufficient standard of 
accuracy. 

It is assumed that there is a neutral or ineffective zone of depth 

2C 


tan 


(«-t) 


within which there is no adhesion or friction along 


the back of the wall or along the plane of rupture (Fig. 74). 

There are five forces acting on the wedge of soil which is causing the 
pressure on the back of the wall: 
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(i) the weight of the whole wedge ABEC (fV); 

(ii) the reaction on the plane of rupture (R); 

(iii) the resultant pressure on the wall (P^); 

(iv) the cohesion along the length BE {C==c.BE); 

(v) the cohesion along the length of wall BF {C^=c^.BF). 


The cohesion per unit area of wall cannot be greater than c, and may 
be less, especially with hard clays. The Code of Pracdce** suggests 
that where c is less than i,ooo lb. /ft.* the value of cl, should be taken as 
equal to r, but where c exceeds i,ooo lb/ft*, should be limited to 
this value. 

Both (iv) and (v) are estimated from shear tests on the materials and 
are independent of the values of Rot Pa- There are thus, as in Fig. 69, 
only two unknown forces, both of which can be determined in magni¬ 
tude and direction by a force polygon. The selection of a few trial 
planes of failure allows of a curve being drawn defining the magnitudes 
of Pa, and thus the maximum possible value for the given conditions can 
be interpolated. Again, it is unnecessary to know the point of applica¬ 
tion of the resultant R. P^ is assumed, as is usual for active pressure, to 
act at a height of one-third of the height of the wall. 

An analytical solution can be obtained for the following simplified 
conditions: wall vertical, soil surface horizontal, and </>=o. The force 
Pa (see Fig. 74) acts normally to the wall, and the reaction R is normal 
to the plane of rupture. By resolving the forces along an assumed plane 
of rupture inclined at an angle xp to the horizontal it can be shown that 

{H^—Z *) 

Pa=y ^ ^ {H —Cc) tan xp—c cosec xp sec xp 


Differentiation with respect to xp for a maximum value of leads to 

co1V“a/ 1 




and substitution in the expression for P^ gives: 


c 


Effect of Position of Water Table 

In the preceding sections the bulk density of the soil has been used 
in determining earth pressure. The unit weight of the soil varies, how¬ 
ever, with the amount of moisture present, and with the position of 
the water table. 

It is often assumed that above the water table the soil is completely 
saturated, and its bulk density therefore comprises the weight of 
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water contained. Below the water table the water is under hydro¬ 
static head and the submerged weight of the soil is its bulk density less 
the weight of unit volume of water (see p. 54). This decreases the 
earth pressure, but the water below the water table is under gravita¬ 
tional forces and acts through the voids independently of the soil. 



The pressure on the wall is thus increased by the normal hydrostatic 
pressure. 

To summarise, above the water table the pressure is taken as being 
caused by the bulk density of the soil. Below the water table there is 
the pressure arising from the submerged density of the soil together 
with the independent hydrostatic pressure corresponding to the 
position of the water table. 

Rain or spring water may, of course, be drained away rapidly 
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because of the porosity of the soil or because of artificially constructed 
drains. If the water does not reach the back of the wall no water 
pressure is developed, but full hydrostatic head must be allowed for 
below the level of drains or weep holes. In clay soils cracks, which 
occur to several feet in depth, are likely to be filled with water, and 
this head must be taken into account in estimating the gross pressure 
on the back of the wall. 

Example ,—Assume a wall supporting cohesionless material as shown 
in Fig. 69, the bulk densities of the upper and lower layers being 105 
and 115 lb/ft® respectively. The water table cuts the back of the wall 
at three-quarters of its height. The wall has a vertical height of 20 ft. 
The lower stratum of soil may be assumed to have a horizontal upper 
surface 10 ft above the base of the waU. The ground surface may be 
assumed to have a uniform slope at 85^^ to the back of the wall, whose 
inclination to the horizontal is 80°. The angle of friction on the back 
of the wall 6 is 24°, and the angle of shearing resistance (f) is 33° for 
both materials. The unit weights to be used in the triangle of forces (as 
in Fig. 693) are: 

Upper j Above the water table: 105 lb/ft® 
material^ Below the water table: 105 —62*4=42*6 lb/ft® 

Lower 

material: 115 “62*4==52'6 lb/ft®. 

These values of density together with the respective measured 
angles of friction can be used in a figure such as 69B in order to 
determine In addition, independent hydrostatic pressure acts 
normal to the wall at one-quarter of the height of the wall (that is, 
at one-third of the height of the water table). These two active forces 
must both be taken into account in the design. The active force due 
to the earth pressure, is found to be 5600 lb and the total water pressure, 
7020 lb per ft length of wall. 

7.3 PASSIVE RESISTANCE OF COHESIONLESS SOIL 

In studying active pressure it was accepted that a slight movement of 
the wall in a direction away from the filling brought into play the maxi¬ 
mum active thrust Similarly, a slight movement towards the filling 
evokes a resistance to such movement. This is known as the passive 
resistance (P^), and it is always numerically greater than the active thrust 
for similar conditions of soil depth and density. Passive resistance occurs, 
for example, on the front face of a retaining wall which is tending to 
move slightly under the influence of active pressure on the back. 

Rankine’s Method 

As in Fig. 66 (p. 126) the problem is to find the value of the 
pressure acting parallel to the surface of the soil. This passive pressure 
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{pp) must be sufficient to overcome the downward thrust of the weight 
of the soil and to cause planes of shear failure to develop. Except when 
the surface is level, the direction of the maximum principal stress is not 
at first known, and for convenience is set out horizontally (Fig. 75A). 0 V 
is the known value of the vertical pressure yz cos /ff, and a circle passing 



Fig. 75.—CoHESiONLESs Soil: Mohr's Circle Solution for Passive 

Resistance. 


through V and touching the lines of limiting shear, OR and OQ^, defines 
the values of the principal stresses OP^ and OP3. 

OH represents the value of the passive pressure intensity {pf) and the 
direction PJi represents the direction of the plane on which the passive 
resistance acts. This plane is known to be vertical, and when the whole 
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Mohr’s Circle diagram is rotated until P^H is vertical (Fig. 753) the 
correct orientation is obtained and the direction of the maximum 
principal stress defined. The planes of shear failure still make an angle 

45® — ^ with the direction of maximum principal stress, and the net¬ 
work of shear failures which develop on slight compression of the soil 
can be sketched (Fig. 750). 

Rankine’s analytical solution for passive pressure when the upper 
surface is horizontal gives 

pp=-yz tan*(45‘’+^j 
or pp=Kpyz 

If there is a sloping upper surface (at ^ to the horizontal), Rankine’s 
solution gives 

pp _COS P -|-\/cOS* P —cos* (f) 
yz cos P cosp cos* p —cos* ^ 

Coulomb’s expression for passive pressure when the upper surface is 
inclined is 


Pp_ sm^(d—d)) 



Fig. 76.— Cohesionless Soil: Passive Resistance by Wedge Theory. 
Wedge Theory (passive) 

Coulomb’s assumption that the surface of rupture behind a retaining 
wall is a plane can be extended to passive resistance calculations in 
cohesionless soil, provided (as has been pointed out by Terzaghi) that 
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the angle of wall friction d is not greater than <{> 1 ^, When there is con¬ 
siderable friction between the wall and the filling, and <5 increases 
beyond ^/3, the sliding surface under passive resistance cannot be 
assumed to be even approximately plane. 

If the surface is assumed to be plane (6 being small), the determina¬ 
tion of the minimum passive resistance required to produce plastic 
failure in the filling may be determined by drawing a series of triangles 
of forces (as in Fig. 74) for various assumed positions of the plane of 
rupture (Fig. 76). It should be remembered that when the wall moves 
towards the filling the wedge tends to move upwards. The resisting 
reactions Pp and R must therefore appear on the upper sides of the 
normals (compare the effect of active pressure. Figs. 67 and 74). 


(jJ-Circle Method 

When ^ Coulomb’s assumption that the slip surface under passive 
3 

resistance is a plane is not valid. The lower portion of the slip surface 
is definitely curved. 

For an ideal plastic material it can be shown that the shape of the 
slip surface is part of a logarithmic spiral, but as an approximation it 
is frequently considered as the arc of a circle (Fig. 77). 

Whatever the shape of the lower portion, the upper part of the 
wedge fails as indicated by Rankine, the planes of failure making 

angles of 45®—^ with the direction of maximum principal stress, which 

is horizontal. If a line is drawn at 45°—^ to the horizontal upper 

surface, and a vertical drawn from then the effect of the por¬ 
tion TCZ may be represented by Rankine’s passive pressure: 

E^urzYKp 

The problem thus resolves itself into a study of the equilibrium of 
the portion of the wedge, In the friction circle or (f>-‘circle 

method the curve BZ is assumed to be an arc of a circle. 

The slip surface must be continuous, and must therefore be 
tangent to the circular arc BZ- The centre of this arc lies on a line Z^ 
(at right angles to Z^) in such a position that the circle passes 
through B, 

At the point of failure the full frictional resistance of the cohesionless 
soil has been mobilised, and the resisting force at any point on BZC 
must act at ^ to the normal. Along the curved portion the normals 
pass through the centre of the circle, and the resisting forces must thus 
all be tangent to a smaller circle whose radius is r sin <f>. This small 
circle is called the friction circle or <f)-circle (Fig. 77 a). 

It is now assumed that the resultant of all the resisting forces is also 
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tangent to the (^-circle. This is not strictly true, but is sufficiently close 
to the truth to justify its acceptance. 

The procedure is as follows (Fig. 77A): 

(fl) Measure the height of the vertical line TZ and calculate E, the 
earth pressure applied by the wedge TCZ, from E=\Kpy{TZV- 
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{b) Measure the area ABJ^T with a planimeter and calculate the 
weight W, The centroid of this area is also required to give the 
line of action of W. The simplest method of locating this is by 
cutting out a cardboard template and suspending it freely from 
several points in turn. Vertical lines through these points (as 
defined by a plumb-bob) all pass through the centroid which 
can thus be located. The use of an integrator is more exact, 
but such an instrument is not often available. 

{c) Combine these graphically to give the resultant S, 

[d) The forces acting on the portion have now been reduced 

to three: 6*, which has just been found; the resultant reaction 
on the slip surface BZ>, and the passive thrust on the back 
of the wall. These forces must all act through one point Q. 
determined graphically by the intersection of Pp (acting at 8 to 
the normal to the wall) and S, 

{e) Draw a line through tangent to the ^-circle. This is the 
direction of the resultant R, 

(/) Draw Pp and R on the force diagram and scale off their 
magnitudes. 

This procedure is repeated for several other assumed slip surfaces. 
For each of these the point where the curved surface runs into the 
straight, lies on the line AK (Fig. 77 d). The least value of Pp which 
can be determined is the value to be used in subsequent calculations. 


7.4 PASSIVE RESISTANCE OF COHESIVE SOIL 

When the wall is forced towards a cohesive filling a resistance is 
developed as described for cohesionless soils in Art. 7.3. This passive 
resistance is greater than the active pressure which accompanies a 
movement away from the filling. 

It was shown on p. 137 that if the soil possesses cohesive strength 
the active pressure is less than that produced by a cohesionless soil of 
a comparable bulk density. Similarly, if a clay offers passive resistance 
to compression, that resistance is greater than the passive force 
developed in the equivalent cohesionless soil. 

Mohr’s Circle 

On pp. 136-138 Bell’s solution for the value of the active pressure of 
cohesive soils was developed by considering Mohr’s Circle of Fig. 73. 
In a similar manner Bell’s expression for the passive resistance of 
cohesive soil can be found: 

pf=yz tan*(45°+^j +2c tan ( 45 ° + 2) 
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These apply only to the passive resistance of cohesive soils under the 
simplest conditions, when the upper surface is horizontal and there is 
assumed to be no friction on the back of the vertical wall. For the 
more general cases the friction circle and logarithmic spiral methods 
are employed. 


(^-Circle Method 

It is convenient to consider the passive resistance of cohesive soils 
in two parts: 

(i) the resistance called into action by the weight of the wedge 
(and any superload which may be applied), and 

(ii) the resistance called into action by the cohesive forces along 
the slip surface and the back of the wall. 

The evaluation of (i) is made exactly as in Fig. 77 (p. 145) and 
need not be discussed further. 

Fig. 7 8a illustrates the forces acting when cohesion alone is con¬ 
sidered, Since the soil is in compression, there is no question of tension 
cracks appearing at the surface, and the cohesive forces are assumed 
to be distributed uniformly over the back of the wall and the curved 
surface The effect of the cohesive forces on can be replaced by 
the passive resistance E^y brought into play by cohesion alone (the 
second term of Bell’s equation). Such cohesion varies directly with 
depth, and the resultant acts at half the height of Similarly, 
Pc, the passive resistance on the wall due to cohesion alone, acts at 
half the height of the wall. the cohesion on the wall, acts along 
the line of the back of the wall. 

Since is the arc of a circle, the components of the cohesion on 
the arc Bj^, acting at right angles to the straight line B^, cancel each 
other, the nett result being zero. The resultant of the cohesive forces 
on the curve B^ is thus parallel to the straight line B^ and of a value 
C which represents the sum of the components of the cohesion parallel 

to BJZ. 

C=t:X straight length BZ 


where c is the cohesion per unit area. 

The line of action of C is found by taking moments of the cohesive 
forces on the curve BZ about the centre of the (^-circle. 

Moments of cohesive forces=e:X curve ^.^X radius 

This must be equal to the moment of the resultant C about the centre; 
thus 


distance of C from centre of ^-circle=radiusx 


arc BZ 
chord BZ 
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A line parallel to and at this distance from the centre of the 
circle represents the line of action of the resultant cohesion. 

Fig. 78A shows the steps to be taken to determine the passive 
resistance for any selected slip surface B^C: 

(i) Obtain the values of C and by calculation. 

(ii) Draw the triangle of forces for C and 0 ^, and mark the 
resultant in its position on the wedge diagram. 

(iii) Determine the point M where meets the cohesion resultant 

and draw the resultant Sc- 

(iv) Sc meets in Through draw a line tangent to the 
^-circle. This is the line of action of P^. 

(v) Complete the force polygon and so determine the value of Pc» 

The data assumed for the problem in Fig. 78 were: //=33 ft 6 in.; 
y=:iio lb/ft®; r—600 lb/ft®; ^=10®; 6=9®; and for the particular slip 
surface assumed, r=3i ft. 

The second determination of the passive resistance (when cohesion 
is made zero and the weight of the soil only is taken into account) is 
shown in Fig. 78B. This determination is carried out in exactly the 
same way as in Fig. 77, and results in a value of the passive resistance 
due to the weight of the wedge. 

The total passive resistance for the assumed slip surface is the sum 
of Pc and P^. Further slip surfaces must be studied and the passive 
resistances determined. The value of the resistance to be used in design 
is the minimum value which can be found for the term P^+Pu,. The 
line of action of this resultant is found in the usual way by calculation 
or by a link polygon from the parallel lines of action of P^ and P„,. 

7.5 WALLS WHICH DO NOT FAIL BY ROTATION ABOUT 
THE LOWER EDGE 

In all the investigations in the earlier part of this chapter it was 
assumed that the walls failed by a slight rotation about a point in the 
lower edge {B in the diagrams). Certain types of earth-retaining 
structures are supported in such a manner that they cannot fail by 
simple rotation. Into these categories come the timbering of trenches, 
cantilever sheet-pile walls and anchored bulkheads, each of which 
tends to support the earth pressure in a manner not susceptible to 
treatment by the methods already discussed. A brief treatment of each 
of these types is given in this article. 

Slip Surfaces in Timbered Trenches 

If the timbering of a trench fails, allowing the supported material to 
slip, the slip surface is quite different from that behind a wall which 
fails by rotation about its lower edge. Behind the timbering at the 
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top the filling cannot move outwards because of the customary strut¬ 
ting. The wedge must therefore move vertically downwards at this 
level, and the slip surface cuts the upper soil surface at 90°. Again, 
the lower ends of the timbers are not well supported laterally, and 
any relatively large movement which takes place occurs at the bottom 
of the trench. It can thus be estimated that points on the slip surface 
will be nearer the face of the support at the top of the trench and 
further away at the bottom than in the Coulomb wedge. Fig. 79 shows 
the type of curve which can be expected and compares it with the 
Coulomb wedge. Terzaghi finds that this slip surface can be repre¬ 
sented by a logarithmic spiral. 

The methods employed to find the magnitude of the maximum 



Fig. 79.—Earth Pressure on Trench Timbering. 


active pressure are similar to those of Figs. 69 and 74, if it is remem¬ 
bered that the direction of the resultant R is defined by a line joining 
the intersection of P and IV with the centre of the logarithmic spiral. 

When a flexible wall bends under the action of the active earth 
pressure the full frictional resistance of the filling is mobilised towards 
the centre of the height of the wall because of the deflection of the 
wall at that point. The filling there may thus slip long before there is 
any sign of failure of the wall itself. Such slipping of the central part 
of the filling throws the active pressure load towards the top and the 
bottom of the wall, which have not moved. Because of this tendency 
to throw load towards the “abutments,” this characteristic is known 
as arching. Its effect is to change the distribution of pressure from the 
hydrostatic (with the resultant at one-third of the height) to one which 
is more symmetrical about the centre of the depth. The result of this 
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is that the active pressure Pa acts at some point near the middle of 
the depth. In sands and silts Terzaghi has found the resultant active 
pressure to act at 0-45/? to 0-55/^ from the bottom of the trench. 

In cohesive soils the height at which the resultant active pressure 
acts shows more variation and depends on the height at which the 
side of the trench would stand temporarily without timbering (p. 138). 
The other variables—r, y, cf), etc.—also have an effect, but in general 
it may be assumed that even in cohesive soils, acts at half the 
height of the supported face. 

Cantilever Sheet Piling^** 

When the height of earth to be retained by sheet piling is small the 
piling acts as a cantilever, as shown in Fig. 8oa. The whole of the 
active earth pressure acting for the height h-\-d on the right must then 
be resisted by the development of passive resistance in the soil on both 
sides of the wall. The moment of these passive resistances constitutes 
the necessary fixing moment for the cantilever. For both active and 
passive pressures it is usual to assume linear variation with depth. 
If the wall is flexible this assumption is not correct, but the required 
depth of driving, which is of primary importance in cantilever sheet 
piling, is not seriously affected by changes in pressure distribution. 

Figs. 8ob and c show the assumed distribution of active and passive 
pressures on the wall. For simplicity it is assumed that the soil on both 
sides of the wall is of uniform density y and that there is no hydrostatic 
pressure. Variations in density and the presence of a water table can be 
allowed for as described on p. 140. Suppose the wall to undergo very 
slight angular rotation about some point C at a distance x above the 
foot of the wall, D. Passive resistance will be mobilised in front of the 
wall down to the level of C, and also behind the wall below this point. 
The minimum driving depth d for equilibrium can be determined by 
solving simultaneously two equations in which x and d are the un¬ 
knowns. One equation is formed by equating to zero the algebraic 
sum of the active and passive thrusts, and the other by taking moments of 
these thrusts about the foot of the wall. The solution of these equations is 
very laborious and the problem can be considerably simplified by assum¬ 
ing the passive reaction as a concentrated force acting at the foot of 
the pile. The simplified arrangement is shown in Fig. 8od. For equilib¬ 
rium the moments of the active pressure on the right and the passive 
resistance on the left about the point of action of must balance. 

R^d_P^{h+d)^^ 

3 3 

and P,=\K,y{h+dy 

Kpd^—K {h+dy=o 


Now 

Therefore 
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The solution of this equation gives a value for d which is at least a guide 
to the driving depth required. The depth calculated should be increased 
by at least twenty per cent to provide a factor of safety and to allow 
extra length for the development of the passive force 

The following approximate figures, applicable to cohesionless soil 
with no hydrostatic pressure, are given by Henry^^: 


4 > 

d 

20° 

20 h 

25° 


30° 

\' 2 h 

35° 

o-gh 

40° 

o-yh 


Sheet-pile walls of this kind should be used only in good frictional 
materials. If designed as described they will be of adequate dimensions. 
No account has been taken of the flexure of the wall, nor of the friction 
between wall and filling, which greatly increase the passive resistance 
available from frictional materials. Both these omissions tend to sim¬ 
plify calculation and may be regarded as bringing into play an added 
factor of safety. 

Anchored bulkheads 

When a sheet-pile wall is held near the top by a tie-bar anchored 
back into the stable volume of soil behind the plane of rupture, stability 
does not depend so much on the development of large passive pressures 
as it does in sheet-piling walls. The result is that the driving depth can 
be smaller in proportion to the depth of retained soil than it is in 
the cantilever sheet-pile wall. In addition, the total depth of retained 
soil can be greater for a given strength of sheet piling. 

The principal methods of analysing the equilibrium of anchored 
piling are based on one of two assumptions as to the method of support 
of the driven end. These are known respectively as the “free” earth 
support and the “fixed” earth support assumptions. In the ensuing 
analysis the density of the soil is, as before, assumed to be uniform. 

Free earth support .—Here the wall is assumed to be freely supported, 
near the top by the anchorage force and below ground level by the 
passive resistance of the soil. 

Let d be the minimum depth for stability, that is, with a factor of 
safety of unity. The loading is as shown in Fig. 8ib. 



A A A 



Let) 

Fig. 8o.—Earth Pressure on Cantilever Sheet Piling. 
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Taking moments about A, 



Fig. 81—Earth Pressure on Anchored Bulkhead—Free-Earth Support. 

This cubic equation in d is best solved by trial. In order to provide 
a factor of safety it may be assumed that only a fraction, say one-half, 
of the full passive resistance is to be mobilised. The value of in the 
above equation may therefore be taken as half its ordinary value. 
Alternatively, the depth calculated on the assumption of full passive 
resistance may be increased by about 50 per cent. 

The final value of d having been decided, the force in the anchor ties 
can be found by taking moments about the line of action of the passive 
reaction Aj. 

^A(^h+id) = iIC,y(/i i-d) -h-d)~id] 
=iKy{h+d)^{2h-~d) 

The value of thus found is, of course, the reaction per foot run of 
wall and the actual forces in the tie-rods will depend on their horizontal 
spacing. 

Fixed Earth Support—Graphical Integration Method .—In this method the 
lower part of the wall is assumed fixed in a manner similar to cantilever 
sheet piling. First a driving depth d is assumed and the loading diagram 
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is drawn, as shown in Fig. 82B, From this the bending moment diagram 
is constructed. Assuming no movement of the anchor tic the deflected 
shape of the wall must pass through the point A (Fig. 82 c). By graphical 
integration of the bending moment diagram a trial elastic line is drawn, 
considering the wall direction-fixed at the foot. If the assumed depth 
is not correct this elastic line will not pass through A, Adjustment of the 
driving depth until this fault is rectified gives the correct value for d. 




Fig. 82—Earth Pressure on Anchored Bulkhead—Fixed-Earth Support. 

Fixed Earth Support—Equivalent Beam Method ,—The above procedure 
is tedious and a shorter, if less exact, solution can be formed by the 
equivalent beam method illustrated in Figs. 82D, e and f. The anchored 
wall has two points of contraflexure, and if the lower of these points, C, 
is considered as a hinge, transmitting shear only, the structure may be 
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regarded as two separate beams, AC and CZ), the force being the 
reaction at the hinge. 

The procedure is as follows: 

{a) The position of the point of contraflexure C is first chosen. The 
depth y of this point below ground surface may be found by inter¬ 
polation from the following figures given by Terzaghi/ which were 


determined by the graphical integration method: 


y 

20° 

0-25 h 

30“ 

o*o 8 h 

40° 

—o*oo 6 /i 


The convenient approximation of jv=o*i/z is applicable to many 
normal frictional soils. 

[b) The forces on the upper beam are calculated from the active 
and passive pressures down to the level of C. These are: 

and R>=hKpyy^ 

{c) The reaction at the “hinge” C is found by taking moments of 
these forces about A : 

Rc{h +y—a) = iKy{h +y) (A +y)—a]—lKpyy^{h—a+^y) 

(d) The loads on the beam CD are represented by trapezoidal pressure 
areas which can be divided into rectangles and triangles as shown 
in Figs. 82 e and f. Taking moments about C, 

Rc{d-y)=m +[(^. -Kp)y 

Hence 

Solving this equation as a quadratic in {d—y) we get 




or 







rid^p-Ka) 

y(J^p-K) 


The first term under the square root is very small compared with the 
second and may be neglected, giving 



6 R, 

yiJ^p-K) 
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The substitution in this expression of the assumed value ofjy and the 
value of Rc as found above enables the minimum driving depth d to be 
calculated. 

As in the case of cantilever sheet piling the calculated driving depth 
should be increased by twenty per cent to allow for the fact that the 
lower passive resisting force 7 ?^ is not a knife-edge reaction as assumed 
in the simplified calculations. The “fixed-earth support” method of 
design results in a value of d greater than that found by the “free-earth 
support” method, hence the suggested addition of twenty per cent 
will usually provide an adequate factor of safety. 

The Code of Practice “Earth Retaining Structures”^® recommends 
the use of the “fixed-earth” hypothesis, since this has the effect of 
reducing the maximum bending moment in the sheeting, thus permit¬ 
ting a lighter section of piling to be used. On the other hand extensive 
experiments at Manchester by Rowe’® support the validity of the 
“free-earth” method. Rowe suggests that when using this method wall 
friction should be allowed for in computing the active pressure, taking 
for the passive resistance, wall friction should be neglected and a 
coefficient equal to two-thirds of the maximum Kp should be used. 

Rowe has also investigated, both analytically and experimentally, 
the effect of the flexibility of the sheeting.’® He finds that the maximum 
bending moment may be reduced by as much as twenty-five per cent, 
depending on the flexibility which can be expressed in the form of a 

“stability number” defined as where: 

//= total length of piling (that is, h+d); 
modulus of elasticity of piling; 

/ = second moment of area of cross-section per unit length of wall. 
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STABILITY OF SLOPES 
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Notation 

distance of centroid from centre of rotation 

weight of disturbed volume of earth 

bulk density of soil 

angle of shearing resistance 

ultimate cohesion 

mobilised cohesion 

radius of slip circle 

length of slip surface 

length of chord of slip surface 

angle subtended by arc of rupture 

angle between slope and chord of critical circle 

factor of safety 

normal component of weight of strip 
tangential component of weight of strip 
resultant force on slip surface 
slope of bank 
height of bank 

factors defining position of critical circle 


From the engineering point of view the stability of slopes concerns 
chiefly road and railway engineers, who are confronted with two 
problems: 

(i) the study of the mechanism of large scale natural slips in cliff 
or mountain faces; 

(ii) the construction of smaller artificial slopes in cuttings and 
embankments in such a way that the likelihood of slips can 
be eliminated. 

In the construction of earthen dams the water engineer faces a 
similar problem, the solution of which is based on the same underlying 
principles. 


8.1 TYPES OF SLOPE FAILURE 

Any slope is subject to the action of weathering agencies such as 
snow, frost, wind and rain, and sometimes to the undercutting action 
of rivers or the sea. The combined effect of these agencies is gradually 
to flatten and lengthen the slope. If the scale is sufliciently large, such 
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flattening movements, although gradual in the geological sense, may 
be catastrophically large and violent from the point of view of the 
engineer. Rock falls producing movement of scree slopes may destroy 
a roadway, the internal erosive action of water in a sandy stratum 
may cause subsidence and slips, or peat layers lubricated by melting 
snow may slide on the underlying rock. 

The action of water is particularly productive of slope movements. 
Clay and shale softened by rain may ultimately form a shallow, weak 
layer on the surface of harder material. The shear strength of this 
material decreases as the moisture content increases, and the whole 
layer is liable to slip as a detritus slide or mud run. Again, water 
percolating into fissured clay leads to progressive deterioration and 
weakening, and, eventually, the shear strength of the clay is so reduced 
that a rotational slip takes place. 

Whether slips occur in large-scale natural slopes^’ or in the smaller 
man-made cuttings and embankments, the same principles can be 
studied in them all. 


8.2 ROTATIONAL SLIPS 

From the engineering point of view the commonest type of slip, and 
one which is most amenable to quantitative investigation, is the 
rotational shear slip which occurs in cohesive soil. The other types, 
some of which are mentioned above, are not of such importance at 
the engineering scale of construction. 

Rotational slips are not surface phenomena like detritus slides, but 
are deep-seated. A large mass of the material forming the slope slips 
on a curve which commences beyond the top of the slope and finishes 
at or near the toe. The slip surface takes a form which, at least for a 
short length of the bank, is approximately cylindrical. Fig. 83 indicates 
the type of slip which occurs, the whole mass ABDC rotating about 0 1 
as centre. Methods of investigating the stability of slopes are similar 
in principle to the wedge theories of earth pressure. A surface of 
rupture is assumed and an investigation is made of the equilibrium 
of the mass of earth which tends to slip. By repeating the process for 
a number of possible surfaces of rupture the most dangerous slip 
surface is found. 

The surface of failure may be assumed to be either a logarithmic 
spiral or a circular arc. The former assumption leads to an analytical 
solution, but the procedure is long and tedious. Methods, partly 
graphical, based on a circular surface of rupture are therefore more 
generally used. Of these the best known are the Swedish and the 
<j>-circle methods. A comprehensive review of these and other methods 
was published by Taylor.^®’ • 

In the analysis of slips in saturated clay soils it is often assumed that 



160 


STABILITY OF SLOPES 


conditions approximate to those of the undrained shear test, and there¬ 
fore that the angle of shearing resistance </> can be taken as zero. This 
assumption has the advantage of simplifying the calculations. The 
ultimate cohesion c may be found from the unconfined compression test, 
or, in very soft clays, from the in-situ vane test. Investigations of a num¬ 
ber of failures in soft clay show that the ‘‘<^=o assumption” generally 
gives a reasonably correct estimate of the factor of safety.^*’’ The actual 
slip-surface, however, is usually not quite the same as that predicted 
by the theory. For over-consolidated stiff clays the 0 =o assumption 
tends to overestimate the factor of safety, and more reliable results are 
obtained using the cohesion c' and angle of shearing resistance (f)' 
referred to effective stresses. These soil properties are obtained either 
from drained triaxial tests or from consolidated-undrained tests with 
pore-pressure measurement. 
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Fig. 83. —Rotational Slip. 

The Swedish Method 

The simplest and most commonly used method of investigating the 
stability of cuttings and embankments is that devised by Swedish 
engineers and known as the Swedish Method. The slip surface is 
assumed to be cylindrical, rotating about the centre 0 (Fig. 83). This 
method gives results which agree closely with those found in practice. 

The first step is the choice of a likely cylindrical slip surface, which 
is drawn to scale as in Fig. 83. The choice of the trial position of the 
centre O presents some difficulty at first, but a considerable amount of 
data has been accumulated which enables the centre to be located 
approximately. 



ROTATIONAL SLIPS 


161 


Application to Cohesive Soils (<^=o).—The horizontal distance d of the 
centroid of the area ACDBA from the centre 0 must be found. This 
can be done by cutting out a template of the same shape as the area 
and finding the centroid by suspending the template from several 
points, marking the vertical at each suspension. The distance d can 
more readily be found from the scale drawing by the use of an 
integrator which gives the area of ACDBA and also its moment about 
0 . The disturbing moment tending to cause slipping on the cylindrical 
slip surface is then Wd^ where W is the weight of a unit length of the 
disturbed volume ACDBA, 

The restoring moment tending to prevent the slip occurring is the 
product of the radius of the cylinder and the shear resistance developed 
along the surface BDC, On the (f>=o assumption the maximum 
shear resistance which can be developed on any short length of the 
slip surface is independent of the pressure at that point, and is therefore 
independent of the superincumbent weight of material. The maximum 
unit shear resistance possible in a cohesive material is equal to the 
cohesion c and is constant over the whole length of the slip surface 
S. The moment arm of this resisting force is constant for all parts of 
the slip surface and equal to R. 

The restoring moment tending to prevent slipping can therefore 
reach a maximum of 

cSR 

the value of which depends only on the cohesive property of the 
material and the shape of the assumed slip surface. The length S has 
a value of RO and the maximum restoring moment becomes 

cR^e 

The disturbing moment of Wd is always acting, but the maximum 
value of cR^O may never be called into play. The factor of safety 
against the chance of a slip taking place is therefore 

Wd 

Several trial circles i, 2, 3, . . . are drawn to scale and separate 
calculations made for the factor of safety F. The lowest possible factor 
of safety is obtained graphically as shown in Fig. 83. Cuttings and 
embankments usually have a factor of safety against slipping of less 
than 1-5. Flattening of the slope increases the factor of safety, but the 
resulting section may be uneconomic. 

EJfect of Cracks in Cohesive Soil. —One of the features of rotational slips 
in cohesive soils is the appearance of a vertical crack running parallel 
to the top of the slope and at some distance from it. In Chapter 7 
it is shown that such cracks can reach, in wedge failures, a depth of 


II 
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2cl<y. Over this depth no shear resistance can be developed. The effect 
of cracking: is therefore to shorten the arc BDC to BDC (Fig. 84) and to 
decrease d to In addition, a further disruptive force, acting against 
the cohesive resistance, is applied if rainwater fills the crack and exerts 
a hydrostatic pressure. 



Fig. 84. —Rotational Slip with Tension Cracks. 

Application to Frictional Soils .—^Where frictional resistance is taken into 
account in addition to cohesion the Swedish solution is some¬ 
what more complex. The curved surface is again assumed to 
be cylindrical, but the shear resistance along its length varies 
with the normal pressure across the slip surface. This normal 



Fig. 85. —Swedish Method—Frictional Soil. 
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pressure is a component of the superincumbent weight of soil, 
and the volume ACDBA must therefore be divided into vertical 
strips (Fig. 85). 

Any one of these elementary strips is in equilibrium under the action 
of the five forces shown in Fig. 85B. The problem, thus stated, is quite 
indeterminate, for the lateral forces L and L representing the reactions 
between adjacent strips cannot be definitely evaluated in position, 
magnitude or direction. It is generally assumed that the lateral reactions 
on any individual strip nearly balance one another and can be neglected 
in the total solution. 

With this simplification the equilibrium of the strip can be 
represented as in Fig. 85c. The restraining force T tangent to the slip 
surface is composed of the cohesion plus the frictional resistance called 
into play by the normal component N of the weight of the strip. 

Since the normal component of the weight of each strip passes through 
0 the disturbing moment is the tangential component T multiplied 
by the moment arm R, The total disturbing moment is therefore RET. 

The maximum possible restraining force on the bottom surface of 
the strip is cs+N tan <f) and its moment about 0 is i? {cs-\-JV tan (/>). 
The total restraining moment is the summation of these moments for 
all the strips and is equal to RE{cs-\-N tan </))=i?(r 5 '+tan (f>EN). 

The factor of safety is thus represented by 
P_cR 0 + tan <^EJV 

The weight of each strip is obtained from planimeter readings, 
and triangles of forces, as in Fig. 85, give the values of JV and T. The 
solution for each assumed circle can be developed in tabular form and 
the least factor of safety found as before. 

TABLE 13 

Swedish Method—Tabulation of Calculations 


Strip 

No. 

Area 

Weight 

Normal 

Component 

N 

Tangential 

Component 

T 

1 

2 

3 

etc. 








Bishop®^ has shown by a more rigorous analysis that with the 
simplifying assumption of neglecting the lateral forces on the strips 
the factor of safety tends to be a little too high. 
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The (^-Circle Method 

This method is based on the assumption made on p. 144 that the 
resultant force P on the surface of rupture is tangential to a circle of 
radius R sin (f) whose centre coincides with that of the surface of 
rupture (Fig. 86). 

Let S be the length of the arc BC and L the length of the chord of 
this arc. The moment about 0 of the cohesive force on an element of 
length dS is c^dSR, Assuming uniform cohesion along the surface, the 
resultant of the cohesive forces on all such elements is a force C=CiL 
acting at a perpendicular distance a from 0 such that 

c^La^c^SR 

SR 

or 

Having thus found the line of action of C, a line drawn through its 
intersection with W (the weight of the mass of soil) tangent to the 
^-circle determines the direction of P. By constructing the force 
triangle the magnitude of C is found, and hence the unit cohesion 




necessary for equilibrium. This procedure implies that all available 
frictional resistance is fully developed. The ratio of the ultimate cohesion 
c to the mobilised cohesion may thus be termed the factor of safety 
with respect to cohesion. It is probable, however, that under conditions 
of equilibrium the friction, as well as the cohesion, is only partially 
mobilised. 
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If the ultimate shearing strength is given by 
s=c-\-o tan <f) 

the actual strength may be expressed as 

, ^ , c a tan < 1 > 

Si=c^+a tan 4*—^-^ 

where and are the factors of safety referring to cohesion and 
friction respectively. For simplicity it is usual to assume that these two 
factors are equal. The radius of the ^-circle should therefore be reduced 
from ^ to 01 ,where 0 ^ is such that F tan 0 i=tan 0 . It is generally a 
sufficiently close approximation to take 0 ^= 0 /F. When finding the 
factor of safety of a given slope by this method the value of F must be 
found by trial and error. 

It is pointed out on p. 145 that the assumption that P is tangent to 
the circle of radius R sin 0 is not quite correct. The error is, however, 
small and is on the safe side. It vanishes when 0 becomes zero, as in 
this case P passes through 0 . 


Location of Critical Slip Surface 

When the material is sufficiently uniform for its cohesive strength to 
be assumed constant over the surface of the slip, the critical circle is 
easily determined from the data in Table 14. These data were compiled 
by Taylor^® from a large number of investigations using an analytical 
solution of the 0 -circle method. The centre of the most dangerous 
circular arc passing through the toe of the slope is determined by 
setting out angles \p and 0 as shown in Fig. 87, the values of these 
angles for various slopes and angles of internal friction being given in 



Fio. 87. —Location of Critical Slip Surface through Toe. 
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the table. The fourth column of the table shows, in terms of the height 
of the slope H, the greatest depth of the rupture arc below the foot 
of the slope. Often the existence of a stiffer stratum of soil above 
this level limits the depth to which the surface of rupture can pene¬ 
trate, and the critical curve is then a circular arc touching the sur¬ 
face of this stratum. The last column in the table shows the stability 
number^ which is explained in the next article. 

When i is less than 53® and (f) is zero or very small, the most dangerous 
circle passes below the toe (Fig. 88). According to Fellenius the 
centre of this circle is situated vertically above the mid-point of the 
slope. Again, the depth of the arc of rupture is generally governed by 
the presence of rock or other firm material at a certain depth below 
the foot of the slope. The figures given in brackets in the table refer 



Fig. 88.—Location of Critical Slip Surface passing below Toe. 


to the most dangerous circles passing through the toe, although a more 
dangerous circle may exist which passes below the toe. 

In practical problems it is unusual to find all the simplified con¬ 
ditions assumed in compiling the above data. The properties of the 
soil often vary at different levels, and the profile is not always a simple 
uniform slope bounded by level surfaces at top and bottom. The data 
in Table 14, however, coupled with experience, will reduce the 
labour required to find the most dangerous slip surface in a given 
problem. 


8.3 STABILITY CURVES 

To the engineer the analysis of the mechanism of stability is only a 
step towards the design of a satisfactory bank possessing a required 
factor of safety. To this end it is useful to have some indication of the 
value of the slope which should be used in any more detailed stability 
analysis. 
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For geometrically similar slopes, that is, slopes with the same in* 
clination but of different heights, the critical surface of rupture is 
similar in proportions, provided that the material has the same angle 
of internal friction. Thus the same drawing and the same force polygon 
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can be applied to all such slopes merely by varying the scale. The 
cohesive force is the product of the unit cohesion and the length of 
the arc of rupture, while the weight of the slipping mass is its area 
multiplied by its density. Since lengths are proportional to the height 

c H c 

of the bank //, and areas to /i*, the ratio "_or /-must be constant 

yri^ yti 
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TABLE 14 

Data for Critical Circles 


Slope 

i 

Angle of 
Friction 

Angles for setting out 
Centre of 

Critical Circle 

1 ^ 

Factor 

n 

Depth 

Factor 

D 

Stability 

No. 

c 

FyFl 

90 

0 

47-6 

30*2 

— 

— 

0-261 


5 

50-0 

28-0 

— 

— 

0-239 


10 

53-0 

27-0 

- 

— 

0-2i8 


15 

56-0 

26*0 


— 

0*199 


20 

58*0 

24-0 

— 

— 

0-182 


25 

6o-o 

22-0 

_ 

— 

o-i66 

75 

0 

41*8 

51-8 

— 

— 

0-210 


5 

45-0 

50 0 

— 

— 

0*195 


10 

47*5 

47-0 

— 

— 

0-173 


15 

500 

46-0 

— 

— 

0-152 


20 

53*0 

44*0 

— 

— 

0-134 


25 

56-0 

44*0 

— 

— 

0-117 

60 

0 

35*3 

70-8 

_ 

_ 

0-191 


5 

38-5 

69-0 

— 

— 

0*162 


10 

41-0 

66-0 

— 

— 

0-138 


15 

44-0 

63*0 

— 

— 

0*116 


20 

46-5 

60 *4 

— 

— 

0*097 


25 

50-0 

60-o 

— 


0-079 

45 

0 

(28-2) 

(89-4) 

— 

(1-062) 

(0-170) 


5 

31-2 

84*2 

— 

I -026 

0-136 


10 

34-0 

79*4 

— 

I -006 

0*108 


15 

36*1 

74*4 

— 

I-001 

0-083 


20 

38-0 

69-0 

— 

— 

0-062 


25 

40-0 

62-0 

— 

— 

0-044 

30 

0 

(20-0) 

(io6-8) 

— 

(1-301) 

(0-156) 


5 

(23-0) 

(96.0) : 

— 

(i-i6i) 

(o-i 10) 


5 

200 

1060 

0*29 

1*332 

0*110 


10 

25-0 

880 

— 

I -092 

0-075 


15 

27-0 

78-0 

— 

1-038 

0-046 


20 

28*0 ; 

62*0 

— ; 

1-003 

0-025 


25 

29-0 

50*0 ! 

— 

! — 

0-009 

15 

0 

(io-6) 

(121-4) 

— 

(2-117) 

(o-' 45 ) 


5 

( 12 - 5 ) ! 

( 94 - 0 ) 

— 

( 1 - 549 ) 

(0-068) 


5 

II-O 

95-0 

0*55 

1-697 

0-070 


10 

(14-0) 

(68-0) 

— 

(1-222) 

(0-023) 


10 

14-0 

68-0 

0*04 

1-222 

0-023 


Hote .—Figures in brackets are for most dangerous circle through the toe when a more 
dangerous circle exists which passes below the toe. 









PRACTICAL EXAMPLE 


169 


for similar slopes. Putting c-^—cjFy where F is the factor of safety with 

£ 

respect to cohesion, the quantity becomes This is a dimensionless 

quantity and is known as the Stability Number, 

Taylor published a set of stability curves (Fig. 89) which show for 
various angles of internal friction the safe slopes corresponding to 
different values of the stability number. These curves show clearly that 
for cohesive material the safe slope to which the bank can be laid is 
dependent on its required height. The greater the height the less the 
stability number and the flatter must be the slope. From Table 14 
and Fig. 89 it is seen that for a cohesive-frictional soil there is a maxi¬ 
mum safe angle of slope corresponding to the height of the bank. When 
(j) is zero, however, this statement applies only if the angle of slope 
exceeds 53°. 

On the other hand, when cohesion is absent and the slope depends 
for its stability on frictional resistance alone, the safe slope is indepen¬ 
dent of the required height. When c—o the stability number is zero, 
and the maximum slope for stability is equal to the angle of internal 
friction whatever the height. 

In deriving the expression for the stability number the factor of 
safety is applied only to the cohesion. To allow for only part of the 
limiting frictional resistance being developed the angle (f> should, as 
before, be divided by the factor of safety. When this factor is unknown 
a trial value should be assumed. 

As an example, it is required to find the factor of safety for a bank 
40 ft high with a slope of 45°. The density of the soil is 130 lb/ft®, the 
cohesion is 600 lb/ft® and </>=20°. 

From Table 14 the stability number N is 0-062. 


Thus 


c 600 

NyH~~0-062 X 130x40 


1-86 


This is the factor of safety with respect to cohesion only. The true 
factor of safety will be somewhat less than this. If a trial value of F= 1-5 
is taken, the reduced friction angle is 20/1-5 or 13-3°. For this angle, 
by interpolation from the table, jV= 0-091, which gives F=i-2y for 
cohesion. The correct value of F lies between the two and further 
calculation will show that its value is about 1-36. 


8.4 PRACTICAL EXAMPLE 

The bank shown in Fig. 90 is composed of two strata, A and 5 , 
having the properties shown. Below the lower layer lies a relatively 
hard stratum C which is likely to deflect the slip circle. The figure shows 
the investigation of one possible circle. Before the minimum factor of 
safety can be determined, other similar circles from other centres must 
also be examined. 
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Columns (b), (c) and (d) in Table 15 merely record the data for the 
problem; columns (e) and (f) refer to the mean dimensions of each 
strip, and column (g) gives the v^eights. The weights are then plotted 
vertically below the mid-point of each strip and the triangles of forces 
completed by drawing the normal and tangential components JV* and T, 
In column (k) L refers to the length of the part of the slip surface bound- 



Fig. 90.—Example of Stabilii'y Investigation. 


ing the individual strips. The factor of safety is the ratio between the 
restoring forces acting round the slip surface and the disturbing tan¬ 
gential forces due to the weight of the bank material. 

8.5 THE EFFECT OF GROUNDWATER 

Up to this point the reader has been concerned with the statics of 
soil slopes in which the effect of pore-water pressure has been con¬ 
sidered insignificant. There are many slopes, however, in which the 
pressure of the pore water has a considerable effect on the stability. 



TABLE 15 

Example of Stability Calculation 



Factor of ..44 

2T sS.'iOO ^ 
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This problem is considered in some detail in Chapter 13 where the 
seepage through dams and the variation of intergranular pressure are 
studied. 

For the purpose of the present discussion it may be said that the 
presence of porewater reduces the shearing resistance by reducing the 
intergranular pressure, thus decreasing stability. On the other hand, 
when also present as an external load on the sloping surface, water 
tends to increase the stability. When reading this section, the reader 
should also refer to Art. 13.2 which is complementary to the present 
discussion. 

There are four cases which are summarised in Table 16. 

TABLE 16 

Effect of Groundwater 


Condi lion 

Effect on Soil Slope 

Effective Density for 
Calculating Weights 

Submergence 

Soil saturated. Water in 
contact with slope: level 
with top of bank 

Submerged density y—yu> 

Sudden drawdown 

Water suddenly removed 
from face of slope: soil 
remains saturated 

Bulk density y; in fric¬ 
tional soil <p is reduced to 

(y—y«')ly 

Steady seepage 

See Chapter 13 


Soil saturated with 
capillary water 

No seepage: no hydro¬ 
static pressure 

Bulk density, y 


8.6 REMEDIAL MEASURES 

The methods described in this chapter are frequently applied to the 
investigation of slips which have occurred, with the object of supplying 
the engineer with data from which he can prescribe suitable remedial 
measures. The surface on which the slip has taken place is carefully 
surveyed by digging trenches or driving headings through the displaced 
material. In deep-seated slips where excavation is impracticable the 
condition of samples extracted from boreholes often gives an indication 
of the depth of the surface of rupture. The slip curve is plotted to scale 
and the stability is then investigated, the Swedish method being the 
most suitable for this purpose. It is often possible to simplify the 
working by finding a circular arc which approximates closely to the 
plotted slip curve. Sometimes a better approximation is obtained by 
assuming the curve to consist of two or more arcs of different radii. 

Remedial works are carried out with the object of stabilising the 
portions of the slopes where slips have occurred or where they are 
likely to occur. This can be achieved: 
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(i) by providing some external support; 

(ii) by removing some of the weight tending to cause slipping; 

(iii) by increasing the strength of the soil within which the slip 
surface occurs. 

External Support 

For small slips success is likely to be achieved by holding back the 
toe of the slope. This can be done by piling through the toe, by 
building a retaining wall along the toe, or by heavy external loading 
on the toe. Loading the toe is usually considered as a temporary 
expedient, but may be sufficient to retain the slip until permanent 
measures are adopted. The use of piles or a retaining wall is satisfactory 
only when their proportions are sufficiendy large compared with the 
height of the slope in question and the foundations extend below the 
slip surface. When the height of the wall or the length of the piles 
represents only a small proportion of the height of the embankment 
or cutting, little support can be expected. 



Removal of Material likely to slip 

If the material which is likely to slip is reduced in quantity at the 
top of the slope, the moment Wd is reduced because of a reduction 
both in W and in d. This type of remedy can be applied as shown in 

Fig- 91- 

The most obvious method of reducing the weight of soil tending to 
cause a circular slip is by flattening the slope. By this means, except 
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for extremely weak material, the factor of safety can be increased to 
a satisfactory figure. The method is, however, uneconomical in that a 
much wider strip of land is required for any embankment or cutting 
than is necessary with a steeper slope (Fig. 91 a). 

The sloping surface of the bank sometimes passes through different 
strata, with a stronger and more frictional material on top. In such 
circumstances the weaker material, which is more likely to slip, can 
be trimmed to a flatter slope, while the frictional material is maintained 
at the steeper and more economical angle (Fig. 91B). 

Finally, the weight of the upper portion of the bank can be reduced 
by the insertion of one or more berms. In Fig. 91 c a berm at the 
central height is shown, and, as in the other diagrams in Fig. 91, the 
shaded area represents the volume of soil removed. This method again 
involves the acquisition of a wider strip of land, but is a method much 
used, especially for earthen dams. 

Improvement of Soil Properties 

Most slips occur in cohesive material and take place because the 
soil has become weakened by an increase in moisture content. A reduc¬ 
tion in the moisture content, then, results in a rapid and substantial 
improvement in stress-resisting properties. 

Two problems arise: 

(i) the removal of water already in the fissures and voids of the 
soil; 

(ii) the prevention of further softening by the removal of surface 
water before it has time to penetrate. 

Surface and subsurface drains whose primary function is to remove 
water rapidly may also fulfil the subsidiary function of supporting the 
slope against further slip. If slip has already taken place, the best 
remedial measure is to build counterfort drains running at right angles 
to the length of the bank and extending beyond the slip plane. These 
drains, which take the form of trenches filled with hardcore or brick 
rubble, break up and support the mass which is likely to slip and also 
remove rapidly any water in the soil. 

Such counterfort drains should be assisted in their function by a 
herringbone or chevron system of surface-water drains laid on the 
surface of the slope. Surface drains have no effect on the moisture 
content of the main mass of the soil, but prevent the entry of surface 
water which might cause further softening. The strengthening of the 
surface may also be accomplished by such obvious remedies as the 
provision of drainage through layers of ashes, or the turfing of slopes 
to bind the soil and provide transpiration and shedding of moisture. 
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Much can also be done to improve the qualities of the soil by the 
laying of interceptors along the top of the slope. Surface water from 
higher levels is thus trapped and removed before it reaches the vulner¬ 
able material. This method is particularly valuable where a permeable 
soil overlies a cohesive stratum. 



CHAPTER 9 

STABILITY OF FOUNDATIONS 


Notation 

P point load 

Z depth 

X, y co-ordinates 

Poisson’s Ratio 
K influence factor 

q intensity of pressure under footing 

Q, total load on footing 

B breadth of footing 

L length of footing 

D diameter of circular footing 

p lateral pressure 

7 bulk density 

Kp coefficient of passive earth pressure 

c apparent cohesion 

<p angle of shearing resistance 

Ncy Nq, JV'y, bearing capacity coefficients 
W weight of displaced volume of soil 

C total cohesive force along slip surface 


The word ‘‘foundation” is commonly used in several different senses; 
as the portion of a structure through which load is transmitted to the 
subsoil; as the subsoil itself; as a portion of the structure which is 
driven into the subsoil, such as a piled foundation; and as a compre¬ 
hensive term describing the base of the structure and the soil immedi¬ 
ately beneath. In this and subsequent chapters the word footing will 
be used to represent that part of a structure which applies the load to 
the subsoil, and the term foundation material will be used to indicate the 
subsoil itself. The word “foundation” by itself will be used only in the 
more general sense. 

Hitherto the first step in designing foundations has usually been to 
decide on a “safe bearing pressure” for the ground. This rather uncer¬ 
tain property may be selected by means of loading tests, but is often 
merely estimated from previous experience or from tables of so-called 
“safe bearing pressures.” Then, assuming uniform distribution of the 
load over the area of the footing, the necessary area of bearing surface 
is determined. If the bearing area required is excessive, recourse is made 
to a piled foundation, in which the load is either transmitted to a 
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harder stratum at a lower depth or supported by the frictional resist¬ 
ance of the piles to sinking. 

In applying the principles of Soil Mechanics to the design of founda¬ 
tions, it is necessary to consider the possible methods of failure and 
the criteria which govern the occurrence of such failure. 

It is shown in Chapter 5 that the deformation of soil under a 
compressive load may be elastic, plastic or compressive. Elastic defor¬ 
mations are always small and do not cause failure of the foundation. 
There are thus two principal ways in which a foundation may fail to 
fulfil its function: 

(i) Because of plastic deformation the foundation material under 
a footing may collapse suddenly, with serious effects upon the 
structure. This failure of stability forms the subject of the 
present chapter, and requires for its understanding a know¬ 
ledge of the shear strength of the material. 

(ii) The foundation material under various parts of the building 
may consolidate at different rates and to different extents. 
Structural damage caused by differential settlement may be 
sufficient to constitute a “failure,” although no collapse of the 
foundation material has taken place. This type of failure is 
fully discussed in Chapter 10. 

In order to investigate the stability of a foundation with regard to 
either of these types of failure we must know something about the 
contact pressure between footing and foundation material, and the 
stress distribution within the foundation material itself. 

The study of the physical failure of foundation materials and the 
planning and design necessary to avoid such failure therefore involve 
three important considerations: 

(i) the distribution and intensity of pressure between the footing 
and the foundation material {contact pressures ); 

(ii) the intensity of normal and shearing stresses at various points 
within the mass of the foundation material (the values of 
vertical pressures at various depths are used in the study of 
consolidation, and the values of shear stress in the study 
of shear failures); 

(iii) the mechanism of failure of the foundation material when 
overloaded, having regard to its physical characteristics as 
found by the tests described earlier in this book. 

9.1 CONTACT PRESSURE 

It is usual to assume that a uniformly loaded footing will transmit 
its load to the foundation uniformly and that the foundation material 
will be uniformly stressed. This common assumption, which makes 


12 
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further calculation for the design of foundations relatively simple, is 
by no means always valid. The intensity with which a uniformly loaded 
footing distributes that load to the foundation depends on the nature 
of the foundation material and on the rigidity or stiffness of the footing. 

Effect of Stiffness of Uniformly Loaded Footing 

If the footing is perfectly flexible—if, for example, it is considered 
to be composed of a very large number of short vertical rods—then a 
uniform load will be uniformly distributed over any type of foundation 
material. If, on the other hand, the footing is perfectly rigid, then on 


Uni for nn / cod Uniform load 



Cohesive material Cohoslonfess moterial 

(<>) (£) 

Fio. 92 .—Contact Pressure Distribution. 

an elastic medium such as hard clay the intensity of stress at the edges 
of the footing is theoretically infinite. In fact, of course, the clay yields 
slightly and so reduces the stress at the edge of the footing. As the 
load is increased, more and more local yielding of the material takes 
place until, when the loading is close to that causing failure, the 
distribution is probably very nearly uniform. It is to be expected, 
therefore, that at working loads a uniformly loaded footing on clay 
imposes a widely varying contact pressure, and this has been borne out 
by experiment. 

A perfectly rigid and uniformly loaded footing on the surface of dry 
sand imposes a parabolic distribution of pressure, the pressure being 
highest in the middle. Since there is no cohesion in such material, 
no stress can develop at the edges of the footing, and if the load is 
increased the distribution still remains parabolic, although of a higher 
maximum intensity. Typical examples of contact pressure are shown 
in Fig. 92. 
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If the footing is below the surface of the sand the pressure at the 
edge is no longer zero, but increases with the depth. The pressure 
distribution tends therefore to become more nearly uniform as the 
depth increases. 

There is an infinite range of types of footing between the perfectly 
rigid and the perfectly flexible. Also the foundation material may 
possess both cohesive and frictional properties in varying degree. The 
distribution of contact pressure is therefore indeterminate for any 
specific footing, but the trend which is followed in the distribution of 
a uniform load on various types of foundation material can be sum¬ 
marised as follows: 

TABLE 17 

Contact Pressure Distribution 


Footing 

Foundation Material 

Cohesive 

Cohesionless 

Approaching perfect 
flexibility 

Tends to uniform distri¬ 
bution 

Tends to uniform distri¬ 
bution 

Approaching perfect 
rigidity 

Tends to high stress at 
the edges until load 
approaches ultimate | 

1 

Tends to high stress in 
the centre at all loads 


The knowledge of these trends assists considerably in the preliminary 
decisions made before detailed design of footings is attempted, or in the 
choice of one of the several possible schemes by which the load of a 
structure may be transferred to the foundation material. By judicious 
distribution of the loads to be supported it should be possible to 
eliminate or reduce likely non-uniformities of pressure on the founda¬ 
tion material. For example, the excavation of a basement in the centre 
of a building may be sufficient to relieve the central area and induce 
more uniform settlement. 

Again, a building carried by a rigid foundation on material having 
some internal friction is best designed with a non-uniform distribution 
of columns, so that the higher loads are applied towards the outer 
walls of the building. A uniform distribution of equally loaded footings 
would result in a dish-shaped settlement. The foundation for a circular 
water tank on clay requires quite a different treatment. The bottom 
of such a tank should be as thin and flexible as possible in order to 
avoid the high edge stresses caused by a rigid floor, for any settlement 
of the rim of the tank at the expense of the central portion would cause 
cracking. Through a thin flexible floor, however, the uniform weight 
of the water tends to be transferred uniformly to the foundation. 
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9.2 THEORETICAL INTENSITY OF STRESS WITHIN THE 
FOUNDATION MATERIAL 

The estimation of the intensity of stress within the foundation 
material has been made both by theoretical investigation and by 
experiment. Neither method can be said to lead to a solution which is 
generally applicable to all types of foundation. For instance, experi¬ 
mental tests must be carried out on particular types of material with 
specific properties and most tests have been carried out on granular 
materials without cohesion. Mathematical analyses, on the other hand, 
must, for the sake of simplicity, be based on assumptions often not valid 
in practice—of simplified loading conditions and of ideal material. 

Theories have been worked out for the following simplified con¬ 
ditions of contact pressure: 

(i) concentrated point or line load; 

(ii) uniformly loaded contact area; 

(iii) area with straight-line variation of contact pressure. 

It has been shown in the previous article that the distribution of 
contact pressure is in practice more complex, but, as the depth below 
the footing increases, errors due to incorrectly assumed contact pressure 
distribution become dissipated. It is obvious, therefore, that the results 
obtained either by experiment or by theory must be interpreted in the 
light of experience. 


Stress Distribution under a Concentrated Load 


The mathematical analysis of the intensity of stress in a foundation 
material is based on the theory published by Boussinesq in 1885. He 
investigated the stress in a semi-infinite, elastic, isotropic and homo¬ 
geneous continuum loaded normally on its upper plane surface by a 
concentrated load. Although no soils can be said to possess all the 
attributes indicated by this statement of the problem, yet many clays 
do at least approach the postulated conditions, and the Boussinesq 
figures form a valuable basis for the estimation of stress at some depth 
below the surface. 

The intensities of the stresses at point 0 (Fig. 93), defined by co¬ 
ordinates x,y and -e, were determined by Boussinesq to be as follows: 


Vertical direct stress on horizontal planes at depth z 


27iR^ 


or 


27lZ^ 


cos® y) 


Vertical shear stress= 


3^* 
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Horizontal direct stress (parallel to^axis) 



Rr^iR^z) 



where fx = Poisson’s Ratio 



These expressions are inde¬ 
pendent of Young’s Modulus, 
but the horizontal stress does 
involve Poisson’s Ratio. 

For estimating the consolida¬ 
tion of foundation material the 
vertical pressure on horizontal 
planes is of primary import¬ 
ance. The first of the expres¬ 
sions given above can be 
written in the form: 

Vertical direct stress on hori- 


Fig. 93.—Boussinesq Co-ordinates. 


zontal planes at depth z= 



where K- 


,3 

271 


[■-QT 


or 


27iR^ 


The vertical stress can be readily calculated, for values of the 
influence factor K have been tabulated over a wide range of the 
ratio rjz or tan tp. Table 18 is used in the examples which follow. 


TABLE 18 

Influence Factors for Vertical Pressure caused by a Point Load 


r 

Influence 

r 

Influence 

r 

Influence 


Factor 


Factor 


Factor 

z 

K 

z 

K 

z 

K 

0-00 


I-00 

0-0844 

2-00 

0-0085 

o-io 

0-4657 

I-IO 

0-0658 

210 

0-0070 

0-20 

0-4329 

1-20 

00513 

2-20 

0-0058 

0*30 

0-3849 

1-30 

0-0402 

2-30 

0-0048 

0*40 

0-3294 

1-40 

0-0317 

2-40 

0-0040 

0-50 

0-2733 

1-50 

0-0251 

2 50 

0-0034 

o-6o 

0-2214 

1-60 

0-0200 

2-60 

0-0029 

070 

0-1762 

1-70 

0-0160 

2-70 

0-0024 

o-8o 

0-1386 

1-80 

0-0129 

2-80 

0-0021 

0*90 

0-1083 

1-90 

0-0105 

2-90 

0-0018 


To obtain the vertical pressure at a given depth (point 0 in 
Fig. 95), multiply the appropriate influence factor by the value of 
the point load P and divide by -e*. 

The influence factors for vertical shear stress arc obtained by mul¬ 
tiplying the values of K for vertical pressure by the appropriate rlz< 
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Vertical Pressure under a Loaded Area 

In practice the load imposed by a footing is spread over a finite area. 
As the foundation material is assumed to be elastic and isotropic, the 
piinciple of superposition may be applied. The vertical stress under a 
finite loaded area can thus be found by integration from the Boussinesq 
equations. Alternatively, it can be calculated by dividing the loaded 
area into elements small enough to allow their loadings to be con¬ 
sidered concentrated. The effects of each of these concentrated loads 
at a given point may then be added to determine the stress at a depth z 
under the loaded area. According to the report of a special com- 
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at centre of each 2 fit. scjuore 
« 8tons^ hr First problem. 


load on outer squares 9 ^/ 51 . 
l.Ood on /nnersquones 4 ’ 58 t. 
for second problem. 


Fig, 94. —Footing in Numerical Example. 


mittee of the A.S.C.E., the error involved in such an approximation 
is small, being within three per cent if the length of the side of the 
small areas is less than one-third of the distance to the point 0, and 
within two per cent if the elements measure less than one-quarter of 
that distance. 

Numerical Examples 

It is required to investigate the intensity of vertical pressure at 10 ft 
below the centre of a footing 8 ft square resting on clay and loaded 
with a uniformly distributed load of 2 ton/ftFor depths below 10 ft 
it is sufficiently accurate to divide the footing into squares of 2 ft side, 
as shown in F’ig. 94. 

The calculation is best carried out in tabular form, for the first value 
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which is required is that of rjz for each of the squares. It is necessary to 
study only one-quarter of the whole footing, for the loading is sym¬ 
metrical, and the point considered is below the centre of the footing. 


TABLE 19 

Calculations for Vertical Pressure (i) 


Square 

x(ft) 

jv(ft) 

f (ft) 

r 

Z 

K 

3 

I 

3 


0-32 

0*374 

4 

3 

3 

Vt8 

0-41 

0-324 

7 

I 

I 


0-14 

0*455 

8 

3 

I 

^/lO 

0-32 

0*374 

Total 1*527 


i:A'=4X 1-527= 6* II 


TABLE 20 

Calculations for Vertical Pressure (2) 


Square 

Load 

X OTy 

y or X 

f 

r 

z 

K 

Total 

K 

I & 16 

9-15 

I 

7 

7*07 

0*35 

0-3577 

0*7154 

2 & 12 

j» 

3 

7 

7*62 

0*38 

0-3408 

0-6816 

3 & 8 

ff 

5 

7 

8-6o 

0*43 

0-3124 

0-6248 

4 

» 

7 

7 

9*90 

0-50 

0-2733 

0-2733 

5 & 15 

ff 

I 

5 

5-10 

0-26 

0-4054 

0-8108 

9 & 14 


I 

3 

3-16 

. 1 

o-i6 

0-4482 

0-8964 

13 


I 

I 

1-41 

0*07 

0-4717 

0-4717 

Total if for 12 squares—4*4740 

6 & II 

4-58 

3 5 

5-83 

0-29 

0-3902 

0-7804 

7 


5 

5 

7-07 

0*35 

0-3577 

0-3577 

10 

ft 

3 

3 

4*24 

0-21 

0-4286 

0-4286 

Total K for 4 squares— i *5667 










Values of /nflaence facior 
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The calculation made above assumes that the footing is sufficiently 
flexible to ensure that the distribution of the load is, in fact, uni¬ 
form over the foundation surface. If, however, the footing is more 
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rigid and rests on a clay foundation, the outer squares may be assumed 
to take more load than the inner ones. The relative proportions of 
loading on these squares are not determinate. 

Let it be assumed for the purpose of the next example that tlie outer 
squares carry twice the loading of the inner squares. It is required to 
determine the vertical pressure at 20 ft below the corner of the footing. 
The work is again done in tabular form. (See Table 20.) 

Again applying the value of the total K obtained from the table to 
the expression for the vertical stress, we have: 

Vertical intensity of stress at 20 ft below corner 


9 ’^') 4*58 

4*4740+^^ X 1*5667 
400 400 ^ 


— 0*1024 -o-oi8=o*i2 ton/ft® 


The above examples can also be solved by the use of influence 
factors obtained from Fadum’s chart^ (Fig* 95)* 


Use of Influence Charts 

If a unit influence load is placed at various points on a beam, 
influence diagrams can be drawn for quantities such as bending 
moment or shearing force at some given section. In a similar manner, 
an influence load placed at various positions on the surface of the 
foundation can be used to determine the influence diagram for inten¬ 
sity of stress at some point at a given depth. If a plan of the loaded 
area to be studied is laid on the influence chart it is possible to 
determine the resulting intensity of stress for ainy point at the depth 
for which the diagram is drawn. 

Influence charts for all depths are similar to each other, but differ 
in scale. It is therefore convenient to draw one influence chart and 
vary the scale of the loaded area for each depth to be studied. Fig. 96 
shows the influence chart devised by Newmark*® for vertical pressure 
at depth and its use will be demonstrated by using it for the solution 
of the problems considered in the preceding section. 

The Scale of the Plan (Fig. 97).—The plan of the loaded area (in this 
instance 8 ft square) is always drawn to such a scale that the length OQ, 
shown at the side of the chart represents the depth to the point being 
studied. In the first problem this depth was 10 ft, and the length 0 ^ 
must represent 10 ft on the scale which is used to draw the plan of 
the footing. 

The Placing of the Plan ,—The centre of the chart represents the 
point for which the chart is drawn. The plan of the loaded area, 
drawn on tracing paper, must therefore be placed so that the plan of 
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the point studied (in this instance the centre of the footing) is placed 
over the centre of the chart (Fig. 97). 

Estimating the Injluence Area .—Each area on the chart, bounded by 
two arcs and two radii, has an influence value of o*ooi. The number 



of areas (including fractions) covered by the plan is counted, and the 
vertical pressure at the chosen depth is found from 

vertical pressure/sq ft=number of areas X load/sq ft of loaded area 

X 0*001 

In the first problem (Fig. 9 7 a) the number of influence areas covered 


Fig. 96. —Influence Chart for Vertical Pressure. 




Fig. 97.—Use of Influence Chart. 
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is 240. The vertical stress at 10 ft below the centre of the footing is 
therefore 

240x0*001 X2 ton/ft *=0*48 ton/ft 2 

which agrees well with the solution obtained by summation. 

Fig. 97B shows the solution of the second problem. Here there were 
two intensities of loading—9*15/4 ton/ft® on the outer 2 ft of the 
footing and 4*58/4 ton/ft® on the inner portion. The influence areas 
for each of these loadings must be counted separately: 

Number of influence areas within outer loading, 43*3 
39 33 33 33 93 mncr ,, ^5*^ 

Vertical pressure at 20 ft below corner 

9*15 . o 4 * 5 ^ 

=43*3x0*001 X ” - -1-15*8x0*001 x--^ 

4 4 

=0*12 ton/ft* 

which again agrees with the estimation made by summation. 

Stresses under a Strip 
9 Load 

A rectangular footing 

y which is long in compar¬ 
ison with its width, such as 
that of a wall, is most con¬ 
veniently dealt with as a 
two-dimensional problem. 
2 The theoretical case of a 
concentrated load applied 
at the edge of a semi-infi¬ 
nite, elastic and isotropic 
lamina can be readily solved 
by the theory of elasticity. 
From this solution the 
stresses produced by a strip 
footing, where the load is 
Fig. 98.— Strip Loading Co-ordinates. spread over a finite width, are 

obtainable by integration. 

It can be shown that the maximum and minimum principal stresses 
under a strip footing are given by 

maximum principal stress=^(/S-f sin , 
minimum principal stress=^(/^—sin jS) 
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where is the angle defined by Fig. 98 and q is the uniform intensity 
of loading. These expressions are independent of the elastic constants. 

Although the values of the horizontal and vertical shearing stress at 
any given point in a foundation are easily determined by the use of 
the Boussinesq equations and the methods described above, yet the 
determination of the direction and intensity of the maximum shearing 
stress is a complex problem when the work is carried out in three 
dimensions. It is usual, therefore, when determining the maximum 
shearing stress (and frequently other stresses in the foundation) to 
abandon the three-dimensional methods and to assume a strip load. 
This simplifies the problem by reducing it to a two-dimensional investi¬ 
gation. A section may be cut through loading and foundation at right 

TABLE 21 

Influence Factors for Stresses under Centre of Uniformly 
Loaded Strip of Width B 


B 

z 

p 

Influence Factor 
for Shear Stress 
sin p 

•JT 

Influence Factor 
for Vertical 
Pressure 

-'(/5+sin J3) 

77 

0 

0° 0' 

0-000 

0-000 

o-i 

5''44' 

0-032 

0-064 

0-2 

II°26' 

0-063 

0-127 

0*5 

28°04' 

0150 

0-306 

0*8 

43°36' 

0-220 

0-462 

10 

53'’o8' 

0*255 

0-550 

1-2 

ei-sG' 

0-280 

0-624 

1*5 

73°44' 

0-306 

0-716 

2-0 

90°oo' 

0-318 

0-817 

2*2 

I02°40' 

0-311 

0-881 

3-0 

ii 2°38' 

0-294 

0-920 

3-5 

I20°30' 

0-274 

0-943 

4-0 

I26°52' 

0*255 

0-960 

4*5 

i32°04' 

0-236 

0-970 

5-0 

136^14' 

0-220 

0-977 

5-5 

140^02' 

0-205 

0-983 

6-0 

I43°o8' 

0-191 

0-986 

6*5 

i45°44' 

0-179 

0-989 

7-0 

I48 °o 6' 

0-168 

0-991 

8-0 

I5I°56' 

0-150 

0-994 

9-0 

i54°56' 

0*135 

0-996 

10*0 

I57°24' 

0-122 

0-997 

loo-o 

i77°44' 

0-012 

I-000 

00 

i8o°oo' 

0-000 

j I -000 


To obtain the shear stress or the vertical pressure at a given 
depth (point 0 in Fig. 98), multiply the appropriate influence 
factor by the contact pressure q. 
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angles to its length at a point remote from the ends, and only the x 
and z co-ordinates considered. The expressions for a strip footing can 
then be used to evaluate the stresses. The maximum shear stress is 
half the difference of the maximum and minimum principal stresses, 
and is equal to 



which is constant so long as /S is constant. In other words, the locus of 
the points at which the intensity of maximum shearing stress is constant • 
is a circular arc, such as is shown in Fig. 98. 


The greatest value which the maximum shear can have is 




or 


0-318^, which corresponds. 



to a value of ^=go^. Fig. 99 
gives lines of isoshear lor a 
strip footing uniformly 
loaded, and Table 21 gives 
influence factors for both 
shear stress and vertical 
pressure. 

Expressions for the vari¬ 
ous stresses in strip founda¬ 
tions under non-uniform 
loading can be found in 
the works of Carothers,^* 
Palmer,and others. 

Vertical Pressure under 
a Circular Load 

The problem of deter- 


Fig. 99.—Lines of Isoshear for Strip 
Load. 


mining the pressure under 
the centre of a uniformly 
loaded circular area arises 


in the design of road and runway foundations (Chapter 12). Table 22 
gives the values of influence factors from which such pressures can be 


determined. 


Pressure Bulb 

The general shape of the lines of equal vertical pressure on horizontal 
planes beneath a loaded area has suggested the use of the term pressure 
bulb to designate the region of foundation material affected by the 
load. Figs, iooa and ioob show the pressure bulbs for a small and a 
large loaded area. The outline connects points at which the vertical 
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TABLE 22 

Influence Factors for Vertical Pressure under Centre of 
Uniformly Loaded Circular Area of Diameter D 


D 

z 

Influence 

Factor 

K 

D 

z 

Influence 

Factor 

K 

D 

z 

Influence 

Factor 

K 

0 

0-0000 

2*00 

0-6465 

4-00 

0*9106 

0-20 

0-0148 

2-20 

0*6956 

6*00 

0*9684 

0-40 

0-0571 

2-40 

0-7376 

8*00 

0-9857 

o*6o 

0-1213 

2-60 

0*7733 

10-00 

0*9925 

0‘8o 

0-1996 

2-80 

0-8036 

12*00 

0*9956 

i-oo 

0-2845 

3-00 

0*8293 

14*00 

0*9972 

1-20 

0*3695 

3*20 

0-8511 

16*00 

0*9981 

1-40 

0-4502 

3*40 

0*8697 

20-00 

0*9990 

i*6o 

0*5239 

3 60 

0*8855 

40*00 

0*9999 

i*8o 

0*5893 

3-80 

0*8990 

200-00 

I *0000 


To obtain the vertical pressure at a given depth under the centre 
of the circular loaded area, multiply the appropriate influence factor 
by the contact pressure q. 


pressure is one-fifth of the intensity of the applied load. For a uniformly 
loaded square or circular area bearing on an elastic medium the depth 
of this bulb is 1*5 times the diameter or width of the footing. The 
pressure bulb for three small footings in Fig. looc shows the cumulative 
effect of closely spaced loads. 

The conception of the pressure bulb is of value in deciding to what 
depth investigations of soil properties should be carried. For example, 
a soft stratum which crosses the pressure bulb might have considerable 
effect on the f^tability of a large footing such as that in Fig. i oob. If the 
soft stratum lies well below the bulb, as in Fig. iooa, its influence must 
be very small. 

It should be remembered that these analyses refer to loading on the 
surface. For sub-surface loadings, a closer estimate of theoretical stress 
is obtained from the equations derived by Mindlin.®^ These give the 
stresses due to a force applied at a point in the interior of a semi-infinite 
solid. 


9.3 COMPLETE FAILURE OF FOUNDATIONS 

The stresses studied in the previous articles of this chapter are those 
which occur when the soil is loaded within its safe limit as regards 
structural collapse. Even in this range of loading, however, the founda¬ 
tion material undergoes an amount of compression or consolidation 
depending upon its properties and upon the applied load. Some of 
the settlement occurs progressively as the structure is built; on com- 
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pressible soil of low permeability further settlement will take place 
over a long period of time. As has been pointed out at the beginning 
of this chapter, differential settlement sufficient to cause structural 
damage may constitute a failure of the foundation: this type of failure 
is considered in Chapter lo. 

At a sufficiently high load, however, the foundation may fail by 
sinking into the ground at an increasing rate. The foundation material 
rises in level at the surface round the footing. A number of attempts 
have been made to predict the load at which this type of failure occurs, 


(o) 



both by examination of the physical properties of the materials and by 
assumptions regarding the behaviour of the soil under load. Many 
theories and methods of attack have been advanced, a few of which 
have been shown to agree well with the results of experiments and 
full-scale tests. 

For convenience they may be classified into four groups, the ultimate 
bearing pressure being estimated by either: 

(i) a study of the active and passive earth pressures occurring 
under the footing; 
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(ii) an analysis of plastic failure; 

(iii) a semi-graphical method, assuming a probable shape for the 
slip surface; or 

(iv) direct measurement by loading tests. 

In the theories grouped under the first three headings the ultimate 
value of the shear strength of the foundation material is of the first 
importance. The type of material most susceptible to shear failure is 
one in which the shear resistance does not increase with increasing 
normal load. Materials with large angles of shearing resistance are not 
so likely to fail by shear, since their shear resistance increases rapidly 
with the depth. 

Methods based on Active and Passive Earth Pressures 

In Rankine’s well-known theory for the minimum depth of founda¬ 
tions in cohesionless soil the vertical downward pressure of the footing 
is considered as a maximum principal stress, and the lateral or 
minimum principal stress is the corresponding active earth pressure. 
This lateral stress is, for particles just beyond the edge of the footing, 
considered as a maximum principal stress, which in turn brings into 
play a vertical minimum principal stress. Rankine’s evaluation of the 
principal stress causing shear failure in a cohesionless soil is illustrated 
in Fig. loi. 

The bearing pressure q produces a lateral pressure p at the base of 
the footing, and, according to Ran¬ 
kine’s relationship between con¬ 
jugate stresses, 

I —sin J) 
i+sin<^ 

At a point clear of the footing 
the lateral pressure p produces a 
conjugate (vertical) stress which, for 
equilibrium, cannot exceed the 
weight of the superincumbent soil. If, as is usually assumed in this 
solution, the point concerned is on the same level as the base of the 
footing, 

I —sin 6 
^1 -hsin <j> 

Thus 

?=K];Z-in^W^tan‘(45“+t) 

or, using the coefficient of passive pressure A'p, 

q=yzKp* 

»3 



Fig. 101.—Foundation Stresses 

ACCORDING TO RaNKINE. 
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The same result is easily obtained by drawing Mohr’s Circles for the 
two elements shown in Fig. loi. 

For a soil possessing cohesion as well as friction an analytical solution 
for the relationship between ultimate bearing pressure and depth was 
first derived by Bell.^* The same result can be found by drawing 
Mohr’s Circles for the two elements (see p. 137). 

For a purely cohesive soil {<!>== o) the bearing pressure is given by 

q=¥ 

and is independent of the depth. 

The above methods are of classical interest, but practically they are 
open to a number of serious objections. They always give results lower 
than those found from tests. An abrupt change in stress conditions is 
implied below the edge of the footing, and this is contrary to the facts. 
The bearing pressures thus calculated are independent of the size and 
the shape of the footing, a result which again, for frictional soils, 
conflicts with actual conditions. 

Plastic Failure 

The type of failure occurring in plastic material is exemplified by 
movements such as those indicated in Fig. 102. The shaded wedge may 
be imagined to be pushed down intact, producing lateral thrusts which 
overcome the passive resistance of the soil lying to each side of the 



Fig. 102.—Flastic Failure. 


footing. The depth of the wedge decreases as the roughness of the base 
of the footing increases. 

From the theory of plasticity Prandtl developed expressions for the 
ultimate bearing pressures on soils under a strip footing, the load being 
applied at the surface of the ground. The curved part of the slip surface 
is part of a logarithmic spiral. For cohesive soil, on the ^=0 assump¬ 
tion, the spiral becomes a circular arc and Prandtl’s analysis leads to 
the equation: 

The ultimate bearing capacity on cohesive soil is therefore inde¬ 
pendent of the width of the footing, but on frictional soils Prandtl’s 
theory indicates that it increases with the breadth. 
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Working on similar lines, Hencky analysed the problem of a uni¬ 
formly loaded circular area on the surface, and found that for cohesive 
material ^ 

Both these derivations were made for loading at the surface; they 
are not applicable when the footing applies its load at a depth below 
surface level. Allowance can, however, be made for this by increasing 
the bearing pressure for surface loading by the overburden pressure 
at the depth of the footing. Thus for strip loading on cohesive soil 

q=^^-i^+yz 

Terzaghi^ has investigated the problem using somewhat similar 
assumptions as to the mechanism of failure, and allowing for friction 
and cohesion between the base of the footing and the soil. He gives the 
following expression for the bearing pressure under a shallow strip 



Fig. 103.—Terzaghi’s Bearing Capacity Coefficients. 

footing (depth below the surface) which will cause general shear 
failure. q=cMc+yzNf+ 0 ’^yBMy 

In this expression Nq and Ny are bearing capacity coefficients 
whose values depend only on the angle of shearing resistance of the soil. 
These coefficients have been calculated for various values of <j> and 
arc shown in Fig. 103. When 93=0, Wc=5*7, Wg=i*o, Jsfy=Oy and 
therefore q—^'^c+yz- 

The coefficient Nc is increased to 5*7 from Prandtl’s value of 5-14 
on account of an allowance for friction between the underside of the 
footing and the ground. The second term in Terzaghi’s equation 
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^represents the increase of bearing capacity due to the overburden, 
and it will be seen that for frictional soils Nq increases rapidly with <j>, 
* The third term, which applies only to frictional soils, indicates the 
effect of the breadth of the footing on the bearing capacity. 

For square footings Terzaghi suggests: 

q= 1 -scJ\fc+yzJ^q+o^4yBJVy 

and for circular footings 

q=V3cJVe+yd^q+o*3y^J^Y 

Meyerhof®® has made a very comprehensive investigation of the 
stability of deep footings. His expression for the ultimate bearing 
capacity is of similar form to that of Terzaghi, and he gives curves 



showing the values of the bearing capacity coefficients for various 
conditions. Skempton®* gives a comprehensive review of the various 
theories of bearing capacity together with experimental data both from 
laboratory tests and from full-scale observations. He forms the general 
conclusion that for cohesive soil the coefficient increases with 
depth up to a maximum of about 7*5 for depths exceeding 2^ times the 
width of the footing, and his suggested values are plotted in Fig. 104. 
It will be noted that the curve for strip footings starts at Prandtl’s 
value of 5* i4r for surface loading. 
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The value of Nc for a rectangular footing of length L and breadth B 
may be found by linear interpolations, as given by the expression 

Nc for rectangle=(o* 84 +o- iS^/Z) X JV; for square. 

Slip Surface Methods 

The slip surface methods of Chapter 7 and particularly those of 
Chapter 8 can be readily adapted to the estimation of the bearing 
capacities of footings. 

The best known method is that known as the “circular arc” method, 
originally proposed by Fellenius for a strip load applied at the ground 

surface, and subsequently modified 
for footings founded below ground 
level. While the method can be 
adapted to frictional soil, it is most 
suitable for cohesive soil {(f>—o). 
Failure is assumed to take place by 
the heaving up of a mass of soil 
on one side only. Model tests and 
observations of failures in practice 
show that because of slight eccen¬ 
tricity of loading or lack of homo¬ 
geneity of the soil the failure is often one-sided instead of sym¬ 
metrical as shown in Fig. 102. 

A cylindrical slip surface is chosen with centre at 0 (Fig. 105) 
and the total cohesion C along the surface is calculated. By equating 
the moment of the applied load about O to the moments of W and 
C the value of Q, is determined. 

The process is repeated for sev¬ 
eral other trial surfaces and the 
ultimate load is taken as the 
minimum value of Qj. 

For homogeneous cohesive 
soils Wilson®* has shortened this 
procedure by calculating from 
the geometry of the problem the 
co-ordinates of the centre of the 
critical slip surface. Fig. 106 
shows the results of this calcula¬ 
tion. 

Example .—The base of a 4 ft 
wide strip footing is at a depth of 
2*5 ft on cohesive soil of density 
no lb/ft® and cohesion 1000 

lb/ft®. Find the ultimate load on the footing per foot run of wall. 



Fig. 106.—Co-ordinates of Centre 
OF Slip Surface. 



Fig. 105.—Fellenius’ Method. 




198 


STABILITY OF FOUNDATIONS 


The ratio 4:/^=2*5/4’0 or 0-625, values of xjB erndylB arc 

read from Fig. 106 giving x =^-4 ft and^=i*6 ft. These co-ordinates 
fix the centre 0 of the slip circle (Fig. 107). By measurement: 

Radius of circle =4*67 ft* 

Area of displaced soil=32-35 ft^ 

Weight „ „ =32*35X 110=3558 lb. 

Centroid „ „ =o-8i8 ft to right of 0. 

Perimeter „ „ =13-9 ft. 

By taking moments about 0, 

^X4X 2-4-3558xo*8i8=iooox I3-9X4-67 

whence ^=7070 lb/ft® 

The ultimate load at foundation level is therefore 
7070x4=28280 lb/ft run. 

For surface loading the circular arc method gives an ultimate bearing 
capacity of 5*5c, which shows close agreement with Prandtl and 

Terzaghi. For foundations 
below ground level the 
bearing pressure increases 
with the depth. It appears 
from the evidence of tests 
and of large-scale failures 
that for cohesive soil the 
calculation of the failing 
load by the circular arc 
method gives results 
closely in accord with the 

F.O. 107.-EXAMPLE OF Circular Slip method is particu- 

larly useful when the 
properties of the soil vary within the zone of general shear failure, in 
which case Wilson’s co-ordinates (Fig. 106) should be used for the 
first trial centre, and several other trial circles drawn with centres 
near the first. 

Loading Tests 

It has long been the practice of engineers to carry out loading tests 
on the site in order to determine the bearing capacity of the soil or to 
check whether the bearing pressure adopted for a design is safe. Load 
is applied to a block of concrete or a steel bearing plate by means of 
dead weights or by a hydraulic jacking system. The load is applied 
by increments of about one-fifth of the expected ultimate load, and 
each load is allowed to act until no further measurable settlement 
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occurs in twenty-four hours. Readings of settlement are taken every 
hour for the first six hours after the increment of load is applied, and 
subsequently once every twelve hours. 

If the initial part of the load /settlement curve is straight, the ultimate 
bearing capacity is taken as the value at which there is a marked 
breakaway from the straight line. When the curve is not straight, 
failure is assumed to take place when the settlement amounts to twenty 
per cent of the diameter of the loaded area. Sometimes loading tests 
are not continued up to failure. If the application of three times the 
design pressure does not cause failure it is assumed that, since the 
factor of safety is greater than 3, the design pressure is satisfactory. 

A test pit should be dug at least five times as wide as the test plate 
in order to reach the stratum in which the foundation is to be situated. 
A hole is then dug in the centre of this pit of the same area as the test 




Fig. 108.—^Test Pits. 

plate. The depth of the hole should be such that the ratio depth/width 
of loaded area is the same as for the actual foundation. 

The estimation of bearing pressures from loading tests is open to 
some serious objections. As has been shown in the diagram of pressure 
bulbs in Fig. 100, a loading test may fail to disclose a soft stratum 
several feet below the bottom of the test pit. In addition, the ultimate 
bearing capacity is not always directly proportional to the area. The 
use of loading tests for the estimation of settlement is often even more 
misleading, and this point is discussed in Chapter 10. 

Summary 

Reviewing the various methods, theoretical and practical, of esti¬ 
mating the ultimate bearing capacity of foundation material, the 
following conclusions emerge; 

Methods: 

(i) The conjugate stress methods of Rankine and Bell do not 
agree with the results of experiment. 

(ii) The plastic equilibrium theory as modified by Terzaghi 
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and Skempton appears to give ultimate bearing pressures which 
agree very closely with practical observations. Model tests, 
however, indicate that the form of the outer part of the surface 
of slip is usually a flat curve rather than a straight line. 

For frictional and soils reliable values of the ultimate 

bearing capacity can be found from Terzaghi’s formula: 

q—cM j+ yzNq+o- ^yBN y 
using values of the coefficients from Fig. 103. 

For cohesive soil (^=0) 

q=^cNe+yz 

and the value of may be taken from Fig. 104. 

(iii) The circular arc graphical method is useful for foundations 
where the strength of the soil varies with depth. 

(iv) Loading tests on any type of soil give ultimate bearing 
capacities which require careful interpretation before being applied 
to full-scale footings. It must not be assumed that the test bearing 
pressure per unit area is the same for the full-sized foundation as 
for a small test plate. 

Cohesive Soils (^=0): 

(v) For strip loading, at the surface the ultimate bearing capacity 
is independent of the width. The theoretical values for loads applied 
at the surface are: 

Bell 4r 

Prandtl 5*14^ 

Terzaghi 5* yc 
Fellenius 5*5^ 

For footings below the surface the coefficient c increases with 
the depth-to-breadth ratio to a maximum of 1*5 times the surface 
value at a depth of 2*5-6. 

(vi) For circular footings on cohesive soil Hencky gives 5* 644: 
as the ultimate bearing capacity. Experiments on square and 
circular footings have shown ultimate values twenty to twenty-five 
per cent greater than for strip loading. 

(vii) Skempton^® suggests that for a rectangular loaded area 
of width B and length L the coefficient jVC, is found by multiplying 
the appropriate value of Nc for a square footing by (0*84+ 
o* 16BIL). 

Cohemnless Soils :— 

(viii) In cohesionless soils the bearing capacity has been found 
by experiment®^ to be proportional to the width of the footing, 
provided the material is in a relatively loose state. If the sand is 
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compacted the rate of increase of bearing capacity decreases with 
increase of width. The bearing capacity of square or round 
footings appears to be about the same as for a strip footing of the 
same width. As may be seen from Terzaghi’s equation, there is a 
very marked increase in bearing capacity as the depth increases, 
largely due to the internal friction. 

(ix) The bearing capacity of sand is considerably reduced if 
the water table approaches the surface, since the effective density 
is the submerged value, y 

9.4 DESIGN PROCEDURE 

It has been shown that failure of a foundation may take the form 
either of collapse by general shear or of a local shear failure. Also, 
under certain conditions differential settlement is liable to cause 
trouble even though no actual failure of the foundation material takes 
place. 

The first problem, then, is to carry out site investigation (Chapter 14) 
and soil tests to determine the nature and properties of the soil affected 
by the project. For settlement analysis the compressibility and con¬ 
solidation properties are required (Chapters 5 and 10), while for 
estimating the ultimate bearing capacity we require either loading 
tests or the measurement of cohesion and internal friction by means of 
direct or indirect shear tests (Chapter 6). Various methods of estimating 
the ultimate bearing capacity have been discussed in the previous 
article, and it now remains to formulate the procedure for design of 
foundations using the data available from tests. 

The points to be considered are: 

(i) depth of footing; 

(ii) load factor against failure; 

(iii) area and shape of footing. 

The design of the footing itself is outside the scope of this book. 
Depth of Foundations 

The shrinkage of soil, particularly clay, is a frequent cause of trouble 
with shallow foundations. To avoid this, foundations of buildings 
should be carried down to a minimum depth below which there is 
little likelihood of variation of moisture content. In this country 
such seasonal fluctuations rarely extend to a depth greater than 6 ft, 
and the variation below 3 ft is usually small. Other factors which may 
cause alteration of moisture content include fast-growing trees, nearby 
excavations and underground workings. The possibility of the drying 
out of the foundation soil by boilers situated in the basement of a 
building should not be overlooked. 
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In cold climates the minimum depth is sometimes governed by the 
depth to which frost is likely to penetrate, especially where the soil is 
fine sand or silt. In this country the ground rarely freezes below 2 ft, 
but artificial freezing may occur under buildings containing large 
refrigeration plant. When the bearing capacity of the soil increases 
with depth as in frictional soils, or where a firmer stratum underlies 
soft material, the depth to which the foundation should be taken may 
be governed by the location of a stratum of adequate bearing capacity. 

Load Factor against Complete Failure 

For small buildings it is a comparatively easy matter to provide 
sufficient bearing area to support the load with safety. As the size and 
weight of the structure increase, the need for economy in the cost of 
the foundations becomes more urgent. On the other hand, the engineer 
or architect must ensure adequate safety against all types of failure. 

The Load Factor may be defined as the ultimate load divided by the 
design load. In estimating these loads it is usual to consider the net 
load applied to the soil, that is, the load which the foundation material 
is called upon to carry over and above the original overburden. Thus 
using Terzaghi’s equation for ultimate bearing capacity the net 
ultimate load would be 

{cNc^yz{Nq-i)+o-^yBNy) Xarea, 

and the net design load=ultimate load/load factor. The total load 
which can be applied at foundation level is the net design load thus 
found plus the weight of the overburden removed. 

As in other engineering problems, the load factor adopted depends 
upon the size and importance of the structure and the degree of accuracy 
with which the applied loads and the bearing capacity of the soil can 
be estimated. It is suggested that the load factor should never be less 
than 3. 

Area and Shape of Foundations 

The general arrangement of foundations adopted—e.g., isolated 
piers, continuous strip footings, or raft foundations—depends largely 
upon the type of construction adopted for the structure. An important 
factor arises, however, when the foundation material is compressible, 
in that the building must be designed for a minimum of adverse effect 
from differential settlement (Chapter 10). 

Example 

The footing of a reinforced concrete column is 8 ft square and is 
founded at a depth of 6 ft on homogeneous soil of density no lb/ft®. 
Calculate the safe load on this footing, adopting a load factor of 3 
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with respect to complete failure {a) if £r==700 lb/ft* and ^=o; {b) if 
400 lb/ft* and ^=8°. 

{a) From the upper curve in Fig. 104, the value of Nc for z lB=6IQ 
or 0-75 is 7*4. 

Safe bearing pressure= ^=1720 lb/ft* 

The overburden pressure is 110x6=660 lb/ft* 
Therefore safe load=( 1720+660) 64 

=2380x64=152320 lb 
=68 tons. 

(b) Terzaghi’s bearing capacity coefficients for 8® are JVc—S, 
JV^ =3 and (Fig. 103). 

Nett ultimate bearing pressure 

= I* ScJSTc+yziJ^q -1)+ 0 *4y^‘^Y 

= i-3X40ox8+iiox6x2+o*4X iiox8x i 

=4160+1320+352=5832 lb/ft* 

Therefore safe bearing pressure=5382/3=i944 lb/ft*, 

and safe load=(1944+660) 64 

= 166700 16=73*4 tons. 
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Notation 

q intensity of loading 

E Young’s modulus 

/A Poisson’s ratio 

B breadth of footing 

R radius of circular footing 

R perimeter of footing 

A area of footing 

n, m coefficients in Housel’s formula 

h thickness of layer of saturated soil 

p pressure 

pi overburden pressure 

rriv coefficient of compressibility 

Ap area of applied pressure diagram 

e void ratio 

t time interval 

Tv time factor 

Cv coefficient of consolidation 

d length of drainage path 

s settlement 


The term settlement is used to describe the vertical displacement of the 
base of a structure or of the surface of a road or embankment. The 
effects of settlement depend not only on its magnitude but also on its 
degree of uniformity and on the nature of the engineering work 
affected. Settlement which is practically uniform over the whole area 
occupied by a building will probably not be objectionable. On the 
other hand, differential settlement of parts of a structure is likely to 
cause cracks, which may be tolerated in some types of construction 
but not in others. For example, slight differential settlement which 
would have no deleterious effect on a heavy engineering factory might 
cause unsightly cracking in a building containing delicate plaster 
finishes. The more rigid the construction the more serious are the 
effects of differential settlement. 

Settlement may be caused by: 

(i) Static loads, such as those imposed by the weight of a structure 
or of an embankment. 

(ii) Moving loads, such as are transmitted through a road or 
airfield pavement. 
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(iii) Changes in moisture content, which may arise from natural causes 
such as seasonal fluctuation in the water table or the abstrac¬ 
tion of water by the roots of large trees. (Nearby excavation, 
pile-driving, pumping or drainage may also have an impor¬ 
tant effect.) 

(iv) Undermining, due to mining operations, tunnel construction, 
or underground erosion. 

10.1 SETTLEMENT CAUSED BY STATIC LOADS 

In Chapter 5 it is shown that the deformation of soil under com¬ 
pressive load may take the form of elastic compression, plastic flow, 
consolidation, or a combination of these. 

Types of Settlement 

(i) Immediate Settlement —This is a combination of elastic compression 
and plastic deformation, without change in volume or water content. 


A 
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'i 
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I \ bulging of earth column. 

B \ \B! 
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Fig. 109.—Immediate Settlement. 


as shown in Fig. log. This type of settlement develops as construction 
proceeds. 

(ii) Settlement due to Consolidation. —This is the result of the decrease 
in the volume of the loaded soil caused by the gradual expulsion of 
water from the voids. In clay soils such settlement develops very slowly, 
but may attain considerable magnitude in course of time. Settlement 
is seldom uniform over the area occupied by a large building because 
of non-uniformity of pressure distribution in the soil as well as varia¬ 
tions in the compressibility at different parts of the area. Consolidation 
sometimes takes place in a compressible stratum situated at a consider¬ 
able depth, although the soil immediately below the foundation is 
relatively firm and may result in settlement of the foundation. In 
cohesionless soil consolidation or compaction takes place relatively 
quickly, and cannot so easily be separated from the “immediate” 
settlement as defined above. 
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Rate of Settlement 

Fig. no shows typical time settlement curves for buildings. Curve (a) 
shows the type of settlement for a structure on sand. Settlement pro¬ 
ceeds during the period of construction and then ceases. Curve (b) is 
typical for clay, where the settlement continues for a long period, but 
at a gradually decreasing rate. The shape is similar to the consolida¬ 
tion/time curve discussed in Art. 5.3. In curve (c) the settlement 
continues to increase at a fairly uniform rate, probably due to plastic 
flow of material from underneath the structure. Curve (d) shows a 
spontaneous settlement due to some change in the soil conditions, such 
as decrease in strength caused by excessive moisture or by the influence 
of some neighbouring constructional work. 



Fig. no.—T ime/Settlement Curves. 

Methods of Predicting Settlement 

The methods used for estimating the magnitude and rate of settle¬ 
ment of structures are as follows: 

(i) Elastic theory^ based on Boussinesq’s equations for the displace¬ 
ments due to a point load acting on the surface of a semi-infinite 
elastic medium. By integration or by the use of influence factors the 
theoretical settlements caused by uniformly loaded areas can be 
estimated. However, since natural soils do not follow Hooke’s Law 
and are not homogeneous, the elastic theory is not truly applicable 
and for the purpose of estimating settlements is of little practical use. 
Nevertheless, the analysis of settlement in an elastic medium does give 
an indication of the effect of various factors such as depth, size and 
shape of footing upon settlement in soil. 

(ii) Loading tests, such as those described on p. 198. When used with 
due caution, and in the light of practical experience, loading tests can 
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give useful information regarding immediate settlement. Comparison 
of settlements predicted from loading tests with actual settlements 
have shown that this method is unreliable for consolidation settlements. 

(hi) Compression tests of undisturbed samples and application of the 
theory of consolidation. For consolidation settlement on clay soils this 
appears to be the most reliable method, and in many instances the 
meatsured settlements of buildings have agreed very closely with those 
predicted in this way. 

Sometimes valuable information can be collected from the results of 
settlement observations on existing buildings near the site, and it is 
probable that in the future much more data of this kind will be 
recorded.®^’Such information cannot, except perhaps for small un¬ 
important structures, obviate the necessity for carrying out thorough 
site investigation and soil testing. 


10.2 IMMEDIATE SETTLEMENT 


The settlement s in an elastic medium under a loaded area of width 
B is given by an expression of the form 


s=fqB- 


E 


2 


where f is an influence factor depending upon the shape of the loaded 
area and the distribution of contact pressure. Values of these influence 
factors are given in treatises on theory of elasticity. 

The influence factors for elastic deformation are not directly applic¬ 
able to soil for the following reasons: 

{a) soil does not follow Hooke’s law, and Young’s modulus and 
Poisson’s ratio are therefore not constant; 

(^) soil is not homogeneous, its compressibility usually decreasing 
with depth; 

(r) there is often a time lag between loading and settlement, even 
apart from the more gradual consolidation effected by the 
expulsion of water. 

Skempton®® points out that load/settlement curves obtained from 
field loading tests and stress /strain curves for compression tests on the 
same soils are generally similar in shape over ranges of stress up to 
well over half the ultimate value. He suggests, therefore, that for 
cohesive soil a simple approximate relation can be established between 
the settlement per unit width sjB and the strain measured in a com¬ 
pression test. For a uniformly loaded rigid circular footing applied 
to the surface of an elastic medium the influence factor /, is 71/4. 
Assuming Poisson’s ratio ju—O’^ the equation for settlement becomes 
s_ 7 t (i —0-25) 0*6 
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and E is taken as the secant modulus obtained from an unconfined or 
triaxial compression test over a range of stress from zero to one-half 
of the ultimate stress. 

10.3 ESTIMATION OF SETTLEMENT FROM RESULTS 
OF LOADING TESTS 

The chief sources of error in estimates of settlement made from 
loading tests are: 

(i) the difference in area and possibly in shape between the 
loaded plates and the full-sized footings; 

(ii) the greater depth of soil affected by the structure as compared 
with the test plate. 

Loading tests give little information regarding differential settlement, 
which is so often of vital importance. 

Influence of Size and Depth of Bearing Area 

On perfectly elastic homogeneous material the settlements under 
rectangular areas uniformly loaded at the same intensity are propor¬ 
tional to the width of the loaded area. Similarly, for circular areas 
the settlements are proportional to the diameter. Experiments have 
shown that the above-mentioned relation holds good approximately 
for cohesive soils, but for sandy soils the settlement under a given 
pressure tends to be more nearly independent of the size of the loaded 
area. 

For footings below ground level the settlement decreases as the ratio 
depth /width increases, but the greater the cohesion of the soil the less 
is the effect of this ratio. 

Terzaghi has shown that about eighty per cent of the total settle¬ 
ment is due to consolidation of the soil within the pressure bulb bounded 
by the line representing a vertical pressure of one-fifth of the applied 
load intensity (Fig. 100). By similarity it is apparent that the settlement 
should be proportional to the width, but the settlement of a large area 
as estimated from tests on a small area may be considerably in error 
if the pressure bulb penetrates into strata with different properties. 

The bulb of pressure for the three small footings in Fig. looc shows 
that the cumulative effect of neighbouring loads is likely to cause 
settlements in excess of those predicted from loading tests. 

Application of Test Results 

One of the methods used for the prediction of settlement from 
loading tests is based on Housel’s perimeter-shear theory. In this the 
bearing capacity of a soil is assumed to be composed of the direct 
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resistance under the footing and the shearing resistance round the 
perimeter P, The bearing pressure q required to produce a specified 
settlement is given by the expression 

in which m and n are empirical constants for the soil, found by making 
loading tests on bearing plates of different sizes. 

The concept of perimeter shear is purely empirical, but in cohesive 
soil it appears to give results in accordance with experience. A more 



Fig. III.—Sei'tlement Curve from Loading Test. 


rational approach to HouseFs expression has been suggested by 
Terzaghi.* For a circular area the curve of settlement divided by 
radius plotted against bearing pressure is usually concave downwards 
as shown in Fig. iii. The dotted straight line approximating to this 
curve has the equation 

This may be written as 


^=m+ 


Cs 27 iR , Cs P 


>4 
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and for a specified value of s, writing Cf/2 as n, the expression becomes 
identical with HousePs equation 





10.4 ESTIMATION OF SETTLEMENT FROM 
CONSOLIDATION TESTS 

For important structures on clay soils it is necessary to carry out 
extensive soil surveys and to obtain undisturbed samples at various 
depths and from various parts of the site. Consolidation tests and the 
theory of consolidation are dealt with in Chapter 5. 

The following data are usually required: 

(i) the magnitude of the estimated final settlement; 

(ii) the rate of increase of settlement. 


Magnitude of Settlement 


Consider a layer of saturated soil (of thickness h) beneath the foun¬ 
dation of a structure. We shall assume that this layer has been fully 
consolidated by the overburden pressure px. During the erection of a 
structure the pressure increases to If is the mean coefficient 

of compressibility for the range of pressure, as determined by a 
consolidation test, the volumetric change is m^p and the reduction in 
thickness of the layer, neglecting lateral strain, is m^ph. From this simple 
relation it is possible to estimate the magnitude of the probable 
settlement of a building. 

It is assumed that lateral expansion is prevented and therefore all 
the compression takes place in a vertical direction. It is also assumed 
that drainage takes place either in one or in both vertical directions, 
l^t that lateral drainage is negligible. 

distribution of vertical pressure with depth under the loaded 
area is computed by the methods of Art. 9.2. The effective pressure at 
any depth is then the pressure due to the load plus the original over¬ 
burden pressure. For depths below the water table the overburden 
pressure is reduced by hydrostatic uplift. 

One method of calculating the probable settlement involves the use 
of the coefficient of compressibility nij, as determined by the con¬ 
solidation test. Fig. 112 shows the variation of vertical pressure with 
depth in a compressible stratum of thickness h before and after the 
application of the load. If Ap is the area of the applied pressure 
diagram, then 


the 


average pressure= 


h 


A 

and the settlement s=m^-~h=mjjA 
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To allow for the variation of with the pressure at different depths 
the thickness h can be divided into thin layers, and the settlements of 
these computed and totalled. For any such element of thickness dh the 
mean pressure is taken as that at the depth of the centre of the 
element, and the coefficient for this pressure is obtained from the 
rritilp curve. The settlement of the element is given by 

Ss=mypdh 

An alternative method is to work from the void ratios without using 
the coefficient of compressibility. If the void ratio changes from ej 



to when the pressure increases from pi to pi-^p, the volumetric 

change (p. 83) is - and the settlement is 

I -{-e I I I 

Again, the compressible stratum should be divided into layers and 
the separate settlements calculated and summed. 

Rate of Settlement 

The time t required to reach a certain percentage consolidation of 
a stratum of thickness h is given by the equation (p. 86) 

T—i 

where is the time factor corresponding to the degree of consolidation, 
is the coefficient of consolidation, and d is the length of the drainage 
path {d=‘h for drainage in one direction only and /r/2 for two-way 
drainage). 

For two soil layers with identical properties it follows from the above 
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equation that the time intervals are proportional to and therefore 
to A*, provided that the conditions of drainage and of distribution of 
pressure throughout the thickness of the layer are the same. Thus if 
the thicknesses of the layers are and the corresponding times 
and /j necessary to effect a given degree of consolidation are related by 

^1 _ 

For example, if in the oedometer test a sample 0-75 in. thick reaches 
fifty per cent consolidation in nine minutes, a stratum 25 ft thick of 
the same soil with uniform pressure distribution and two-way drainage 
would attain the same degree of consolidation in 

^ X 9= 1,440,000 minutes or i ,000 days 

If the pressure distribution is not of the same type the time factor Tv 
will be different for the two cases and the above rule will not hold 
good. It will, however, give an approximate idea of the time required 
and can be used as a rough check on more accurate computations. 

A closer estimate of the time required for a given percentage con¬ 
solidation is obtained by using the coefficient of consolidation as 
determined from the oedometer test. The value of used should be the 
average over the range of pressures involved, corrected for secondary 
consolidation. The distribution of pressure with depth is taken as 
approximating to one of the standard cases shown in Table 8. The 
appropriate time factor is obtained from the table and the time t 
is calculated from the equation 

It will be observed that the magnitude of the effective pressure does 
not affect the time for consolidation except in so far as the coefficient 
of consolidation varies with the pressure, though it has, as we have 
seen, considerable influence upon the magnitude of the settlement. 

Practical Considerations 

(i) Effective Load producing Consolidation ,—In designing footings for a 
specified bearing pressure it is usual to estimate the worst possible 
condition of loading, e.g. a combination of dead load, live load placed 
to produce its maximum effect, and eccentricity due to wind pressure. 
It is unlikely that such maximum loads will act for any length of time, 
if ever, and where consolidation is taking place over a period of years 
we require the time-average of the load. There seems to be little data 
available for estimating this average, but a fair value should be obtain- 


/ 25X 12 
\ 0*75 
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able by taking the dead load plus a percentage of the maximum live 
load, the percentage depending on the nature of the structure. The 
pressure in the compressible soil corresponding to this average load 
should be used in the settlement computations. 

Hitherto we have assumed that the full load is instantaneously 
applied as in the oedometer test. Actually, the application of the load 
is spread over the period of construction. Terzaghi has proved^ that 
the settlement caused by a pressure which increases at a uniform rate 
from o to p during a time / is the same as that occurring under a 
steady pressure acting for half that time. As the time occupied by 
construction is usually small compared with that necessary for com¬ 
plete consolidation, it is usually justifiable to assume uniform pressure, 
taking the time origin halfway through the period of erection. Terzaghi 
also gives {loc. cit.) a graphical method for calculating the settlement 
caused by a variable pressure. 

(ii) Lines of Equal Settlement .—It has already been pointed out that 
differential settlement is of greater importance than uniform settle¬ 
ment. Even on homogeneous soil settlement is not uniform, the greatest 
amount occurring under the centre of the loaded area. In practice 
most sites show variation in the thickness and in the properties of the 
compressible stratum at different parts of the area. From tests on 
samples taken from various borings the settlements at these points can 
be estimated, and lines of equal settlement can be drawn in the same 
manner as contours. A plan showing such lines is of great value to 
the designer. 


10.5 EXAMPLE OF CALCULATION OF SETTLEMENT 
DUE TO CONSOLIDATION OF CLAY 

A grillage footing is 12 ft square on plan, and its underside is at a 
depth of 8 ft below ground surface. The nett load transmitted to the 
soil is 300 tons. A bed of clay extends to a depth of 33 ft, and below 
this there is sand. The average water table may be assumed to be 3 ft 
below ground surface. The soil is the alluvial clay for which the con¬ 
solidation test results are given on p. 92. 

An estimate is required of the total settlement at the centre of the 
footing and of the time in which ninety per cent of the total settlement 
may be expected to occur. 

Magnitude of Settlement 

The 25-ft clay stratum is divided into 5-ft layers, and the settlement 
of each is computed as shown in Table 23. 

Completion of Table 23.—The initial pressure p^ (column (e) ) is 
calculated thus. The average density is 120 lb/ft*. The top 3 ft of soil 
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Total settlement= 0*726 ft 
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is assumed saturated with capillary water, and the pressure at this 
depth is therefore 3x120=360 lb/ft®. Below this depth hydrostatic 
uplift is taken into account, and the submerged density is i20—62'4 
= 57*6 lb/ft®. The pressure at 10*5 ft depth is thus 

36o + (io-5-3)X57*6 
= 360+432=792 lb/ft®=0'35 ton/ft* 

It is assumed that the load of 300 tons is uniformly distributed over 

the base of the footing, the bearing pressure being or 2*083 ton/ft*. 

144 

The pressures p (column (f) ) are found by one of the methods described 



pressure jo 
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Fig. 113.—Consolidation Problem. 


on pp. 182-188. Fig. 113 shows the variation of pressure with depth 
before and after application of the load. 

The values of corresponding to the mean pressures in column (h) 
are obtained from the curve in Fig. 42. Columns (i) and (j) are com¬ 
pleted as shown in the table, and the summation of the values in the 
last column is the required estimated total settlement. 

Alternative Method .—Table 24 shows the calculation of the settlement 
by the void ratio method. Columns (a) to (g) are the same as in 
Table 23. The void ratios e^ and e, in columns ( 1 ) and (m) are read 
off from a pressure/void ratio curve plotted from the data in Tables 9 
and 10. 

Rough Check .—An approximation to the total settlement can be 
obtained by measuring the area of the pressure curve (Fig. 113), which 
comes to 22*2 ton-ft units. Taking the average value of m„ as 0-033, 
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j=22*2XO*033=o*733 ft, which agrees with the values previously 
obtained. 


Rate of Settlement 


The effective pressure diminishes from 2*08 ton/ft® at the top to 
0*17 ton/ft® at the bottom of the 25-ft stratum, drainage being down¬ 
ward. The nearest standard type of pressure distribution is type 2 
(Table 8), that is triangular, diminishing in the direction of drainage. 
From the table it is found that the value of for ninety per cent con¬ 
solidation is about 0*94. The coefficient of consolidation Cv over the 
range of pressure concerned is about 3*3X10® in®/min (from Table 
11). The length of drainage path d is the thickness of the stratum, 
25 ft, and the time t for ninety per cent of the total settlement is 

givenby _0-94Xg5'X.44 


mmutes= 


3*3X10’ 


==256 X 10^ minutes 
=approximately 49 years 


10.6 SETTLEMENT CAUSED BY MOVING LOADS 

Most soils exhibit some degree of elasticity under moderate stresses, 
in that most of the deformation disappears when the stress is removed. 
There is always, however, some residual strain, and considerable per¬ 
manent deformation often results from the cumulative effect of repeated 
loading. A familiar example is the subgrade of a road subjected to 
repetitions of stress under the action of traffic. Every application of 
load causes deformation, and the recovery after the passage of any 
wheel is not quite complete. In compressible clay soils the consolidation 
properties contribute appreciably to the gradual settlement. 

Settlements of this type, particularly if uneven, are liable to cause 
failure of pavements. For example, with concrete slabs the maximum 
deflections caused by passing wheel loads occur at the corners and at 
transverse joints. Tlie soil at these places is therefore subjected to 
greater pressure and deformation than elsewhere, and progressive 
settlement may thus lead to the gradual withdrawal of the support of 
the soil, eventually causing cracking of the concrete slab. 

10.7 SETTLEMENT CAUSED BY UNDERMINING 

The effect of mining operations, such as the removal of a seam of 
coal, is to produce a gradual subsidence of the ground overlying the 
working.28.85 pjg ig a diagrammatic section perpendicular to the 
direction of working. AB represents the width of seam which is being 
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removed. The strata overlying the cavity thus formed tend to sag and 
the surface assumes the shape CFEGD. Where the whole of the coal 
in the area AB is extracted the maximum subsidence is usually about 
sixty per cent of the thickness of the seam. If waste material is packed 
into the space from which the coal has been hewn the amount of 
subsidence is considerably reduced, but cannot be entirely prevented. 
Stowage of all the waste material extracted is seldom carried out. 

As the coal face advances, the subsiding area also advances in a 
continual wave-like movement. If the settlement took place vertically, 
little or no harm would be done, but as the wave proceeds, buildings 
are subjected to varying stresses and uneven displacements. When 
subsidence commences, slightly ahead of the advancing face the surface 
assumes a convex shape. While a building is on this convex surface 
horizontal compression is applied to the foundations because of the 



withdrawal of support at the outer edges. At the same time tensile 
stresses are set up in the upper soil layers, and this tension may be 
transmitted to the building foundations, partly counteracting the 
compression caused by the cantilever action. 

Similarly, when the wave has passed, and the building stands on a 
concave surface the foundation support is more likely to be removed 
in the centre of the building so that it forms a beam supported at the 
ends. The compression produced in the soil by the concavity of the 
surface again tends to counteract the bending stresses. 

Obviously the wave can hardly pass without causing some structural 
damage, but it must not be assumed that the cracks which first appear 
are permanent. Since the two halves of the advancing wave act in 
opposite senses, cracks may, in fact, close as the building is passed from 
one part of the subsidence wave to another. 

In addition to these vertical movements and the stresses they pro¬ 
duce, there are horizontal effects which should not be overlooked. 
These are most evident in long structures. Long walls, lengths of kerb 
and concrete roads may all buckle severely when they lie within the 
compression zones. Horizontal movements on damp-proof courses may 
also be observed. 
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The rate of subsidence is very variable, depending on the extent of 
the workings and on the thicknesses and properties of the strata above. 
A large proportion of the total subsidence develops as the face of the 
working proceeds, but settlement may continue at a decreasing rate 
for as much as four or five years after the completion of the under¬ 
ground working. 

Effects of Subsidence 

The possible effects on structures situated in the area of subsidence 
may be summarised as follows: 

(i) vertical settlement, which occurs at the centre of the area; 

(ii) vertical settlement combined with tilting; 

(iii) non-uniform bearing pressure on the foundation due to plane 
bearing surfaces becoming convex (as at F and G, Fig. 114) 
or concave (as at E); 

(iv) horizontal movements of the soil in regions of tension {CF 
and GD) and compression {FG). 

It will be readily realised that when the workings are inclined, or 
when there are geological faults in the strata, the problem becomes 
very much more complicated, and it is more difficult to predict the 
probable movements of structures. 

While the consequences of a purely vertical settlement may be 
slight, the other effects are likely to cause serious cracks or even failures 
in structures which have not been specially designed to resist the forces 
induced by such movements. 

Besides actual damage to buildings, many other effects are brought 
about by mining subsidences. Areas of ground may become liable to 
flooding owing to their general level being lowered and to the gradients 
of natural and artificial drainage channels being upset. Waterlogged 
strata may be drained, with consequent changes in their properties. 
The gradients of railways are frequently affected. For example, the 
“dip” which occurs when a line crosses a colliery working results in 
steep gradients at either side. If the original gradient was already a 
stiff one the steepening on one side of the subsidence may cause serious 
difficulties in operating the line. The restoration of the track to its 
original level is often impracticable without raising the superstructure 
of overbridges which have subsided. 

Structural Precautions 

Movements of structures in areas liable to mining subsidence cannot 
be prevented unless the minerals under the structure are left untouched. 
The formation of such a supporting pillar is clearly a costly way of 
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preventing structural damage, and is resorted to only for important 
bridges or buildings. 

In general, only two possible structural precautions can be taken. 
The structure can be built so rigid in all its parts as to be monolithic. 
It then settles as a whole, the stresses imposed being resisted by the 
strength of the members composing the structure. The cost of providing 
the necessary rigidity would usually far exceed the value of damage 
likely to be caused by subsidence. 

The second possible method of avoiding structural damage is that 
of making the building or group of buildings as flexible and as loosely 
connected as possible. Long rigid structures are to be avoided. Light 
reinforcement should be provided in small buildings near the top and 
bottom and around openings, and the use of a weak mortar does much 
to prevent unsightly cracking. A helpful addition is vertical reinforce¬ 
ment at the corners of buildings. If neighbouring foundations are loaded 
differently, complete separation of the blocks is essential to prevent 
structural damage. As a general principle to be observed, the lateral 
dimensions of buildings or portions of buildings should be kept as small 
as possible in order to avoid development of undue differential 
settlement. 

If an important structure, such as a bridge, is not to be supported 
by an undisturbed pillar, it is usual practice in mining areas to provide 
jacking chambers so that the superstructure can be raised to keep pace 
with local subsidence and so maintain the original level. Other devices 
to counteract lateral movement and stresses—often more damaging 
than vertical settlement—are the positive lateral connection of stanchion 
bases and the provision of sliding or roller-rocker joints between the 
footings and the superstructure. 

On ground liable to subsidence, successful building depends on the 
ability of the engineer to predict possible movements, both horizontal 
and vertical. Such prediction is becoming steadily more accurate with 
increasing knowledge of the time-phasing of mining subsidence. The 
construction of the new town of Peterlee in County Durham, while 
extraction of coal is progressing, is a token of the confidence of mining 
and structural engineers in the steadily accumulating store of knowledge 
of strata control and surface subsidence. 

10.8 PRACTICAL SETTLEMENT PROBLEMS IN 
ENGINEERING 

In the preceding articles the causes of settlement in soils and methods 
of estimating the magnitude and rate of setdement under various 
conditions are discussed. The practical application of test results and 
theory must now be considered. The chief problems confronting the 
engineer are: 
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(i) design of the foundations of structures for minimum settle¬ 
ment and of the structures themselves for adequate strength 
against the effects of unavoidable settlement; 

(ii) remedial measures to structures which show defects caused by 
settlement. 

Damage caused by Settlement 

Settlement damage would be negligible if the settlement of buildings 
were uniform, but this ideal condition is seldom met in practice 
because of variations in the underlying soil. Even with a uniformly 
loaded area on homogeneous soil the effective pressure at depths below 
the footing is a maximum at the centre of the area. Settlement due to 
consolidation tends, therefore, to be bowl-shaped, and, if the base of 
the structure is rigid, the contact pressure will be reduced at the centre 
and increased towards the edges, causing secondary stresses in the 
structure. On the other hand, setdement due to outward flow of soil 
immediately below the footing has the opposite effect. More load is 
taken by the centre and the edges tend to sink. 

Instances occur of the tilting of a tall building when one side settles 
more than the other. The centre of gravity is shifted, the load on the 
base becomes eccentric, and the bearing pressure at one edge is 
increased. The pressure may eventually increase sufficiently to cause 
shear failure in the soil. 

On p. 217 it is shown that mining subsidence, in addition to 
causing vertical movements and tilting, induces tension stresses at 
some parts of the surface, and over other areas compression. Tension 
is liable to cause fissures in the ground, cracks in roadways, fracture 
of pipes, and vertical cracks in buildings. Compression may also cause 
damage, such as the buckling of road pavements, kerbs and railings, 
fracture of drains and culverts, and bulging of walls. 


Preventive Measures 

By means of systematic site investigation and soil tests it is possible 
to obtain a fair idea of the probable settlement under a given load. 
It must be emphasised, however, that even under the most favourable 
conditions such estimates can be only approximate. The problem then 
remains to design the structme and its foundations to be safe against 
damage from settlement. 

A common fallacy is that settlement can be prevented by spreading 
the foundation to produce a sufficiently low bearing pressure. While 
this procedure may help when the base of the structure rests directly 
on compressible soil, it is of little value when consolidation takes place 
in a deep-seated stratum. On p. 182 it is shown that when the depth 
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is several times the width of the uniformly loaded area the vertical 
pressure can be calculated without appreciable error on the assump¬ 
tion that the load is concentrated at the centre of the area. At such 
depths, therefore, it is the total load, and not the bearing pressure 
under the footing, which is the dominant factor in producing settle¬ 
ment. 

Preventive measures may be classified as follows: 

(i) prevention of excessive settlement; 

(ii) design of structures to resist secondary stresses induced by 
settlement. 

Prevention of Excessive Settlement 

It has been shown that where settlement from the consolidation of 
relatively shallow strata is expected, it can be reduced by increasing 
the area of the foundation. A more economical as well as a more 
satisfactory solution may be to carry the footings down to firmer soil 
at a lower level. The use of pile foundations for this purpose is con¬ 
sidered in Chapter 11. Another method is to stabilise the foundation 
soil by the use of chemicals, cement or bituminous materials 
(Chapter 12). 


(A) Cohesive Soil (b) Cohesionless Soil. 



Bred^th Footing & Breodth of fhoUng B 


Fig. 115.—Allowable Bearing Pressure. 

As regards soil properties the two conditions to be satisfied in the 
design of foundations are: (i) the bearing pressure must not exceed the 
ultimate bearing capacity divided by a suitable load factor; (ii) the 
settlement must not exceed a specified value which depends upon the 
type, design and purpose of the structure. 

From the expression given on p. 207 for the settlement in an elastic 
medium it is seen that the allowable bearing pressure for a specified 



222 


SETTLEMENT OF FOUNDATIONS 


settlement is inversely proportional to the breadth B of the footing* 
It can be shown that this applies also to the consolidation settlement 
when the structure is founded directly on compressible soil. Fig. 115 
shows diagrammatically the variation of allowable pressure with 
breadth of footing, taking into account safety both against shear 
failure and against excessive settlement. The influence of settlement 
on bearing pressure is discussed in greater detail by Capper.®® 

When the foundation soil is highly compressible and weak, an 
effective, but costly expedient may become economically justifiable. 
A rigid box foundation is constructed, extending to such a depth that 
the material excavated is equal in weight to the total weight of the 
building. If the estimate of the weight of the building has been 
accurate, little or no relative movement between the building and 
the surrounding soil should occur. Such total compensation may not 
always be justified, and partial compensation may be adopted. A propor¬ 
tion of the weight of the building is cancelled by excavation, and 
some settlement accepted. This settlement is caused by the excess 
weight defined by the difference between the weight of the building and 
the weight of the excavated soil. Even in such instances settlement can 
be stopped by the use of such devices as control piles devised by Gonzalez 
Flores and used in buildings in Mexico City. A variation of the com¬ 
pensation method is to construct a basement in the centre of an other¬ 
wise uniformly-loaded foundation. This has the effect of compensating 
for the dish-shaped settlement normally caused by uniform loading on 
a compressible soil. A more uniform settlement over the whole area 
of the building is produced. 

An electro-chemical method has been tried for the stabilisation of 
soil at deep levels. It consists of passing an electric current through 
the soil between an aluminium anode and a copper cathode. The 
current has the effect of draining the soil, and it is claimed that the 
strengthening is not appreciably affected by immersion in water. 


Design of Structures to Resist Settlement 

The design of structures to resist settlement is outside the scope of 
this book, but a brief review of the principles involved will not be out 
of place here. 

As a certain amount of settlement is often inevitable, provision for 
this must be made in design. The effects of differential settlement 
depend to a great extent on the rigidity of the structure. For example, 
a girder bridge of several freely supported spans is statically deter¬ 
minate, and unequal settlement of the piers, unless excessive, will not 
affect the internal stresses. In a continuous girder bridge even a small 
amount of differential settlement of the piers will alter the reactions, 
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and consequently the shearing forces and bending moments on the 
girders. The effect of unequal settlement is even more pronounced in 
the portal frame type of reinforced concrete structure. In some in¬ 
stances a building is constructed upon a raft foundation so that the 
structure as a whole forms a rigid framework. Here considerable 
secondary stresses may be set up by uneven settlement, but the frame, 
acting as a very deep girder, can be more readily designed to resist 
such stresses. 

In applying these principles to the design of large buildings it will 
be seen that the structure may be supported on a number of indepen¬ 
dent footings or, alternatively, on a continuous foundation. In the 
former case the building should be of relatively flexible construction 
so that the reactions are determinate, and unequal differential settle¬ 
ment does not affect the stability. Even so, such differential settlement 
should be limited, as cracks may occur in plaster, floors may go out 
of level and other faults may develop, even though the stability is not 
impaired. 

Buildings of a rigid type should be supported on a reinforced con¬ 
crete raft, or the footings of columns should be connected up by a 
series of continuous girders, so that the structure settles as a whole. 
Unequal settlement will then affect the distribution of the supporting 
reactions, and the structure must be designed to be safe under the 
worst possible conditions. 

Remedial Measures 

Engineers and architects are frequently called in to investigate the 
causes of cracks in buildings and to recommend remedial measures. 
The position and alignment of the cracks usually give a clue to the 
type of settlement which has taken place. A knowledge of the geo¬ 
logical formation and experience gained from other buildings in the 
vicinity will often disclose the seat of the settlement. Soil tests should 
then be made, from which the consolidation properties can be obtained. 
An important factor is the degree of consolidation which the soil has 
undergone. This is usually ascertainable by comparing samples taken 
from beneath the foundations with others in which only natural 
consolidation has taken place. 

Besides the repairs to the structure itself it is usually necessary to 
take steps to check further uneven settlement. Methods of doing this 
include underpinning, driving of piles, stabilisation of soil, excavation 
under the structure to reduce the overburden pressure, and measures 
to prevent lateral spread of soil from under the base. If, however, it is 
apparent from the tests that consolidation is nearly complete, costly 
methods of preventing further settlement are not justified. 



CHAPTER II 

PILE FOUNDATIONS 


Notation 

fp intensity of applied loading at level of tips of piles 
ilj cross-sectional area of foundation 
q intensity of applied load at surface 
S perimeter of foundation 
c cohesive strength of soil 
^ depth from surface to tips of piles 
L length of pile 
W weight of hammer 
e efficiency of hammer 
h height through which hammer falls 

driving resistance of soil—bearing capacity of pile 
S set—penetration per blow 
n coefficient of restitution 
L' length of driving cap 
A* area of driving cap 
E' modulus of elasticity of driving cap 
C clastic compression of soil 
A cross-sectional area of pile 
P weight of pile 
d diameter of pile 
S elastic compression of pile 
Ep Young’s Modulus of pile 
/ effective length of pile 
p perimeter of pile 
m ratio perimeter/radius of pile 
f frictional or cohesive resistance per unit area 
^ half angle of pile point 
^ angle of shearing resistance of soil 
y bulk density of soil 


The function of a pile, like that of any other foundation structure, is 
to transmit load to a soil stratum at an intensity which the stratum 
can sustain. Piles may be classified into four categories according to 
the means by which they support the load. A pile may 

(i) act as a column and transmit the load through weak material 
to a solid bearing stratum at a lower depth; 

(ii) carry the load by friction between the surfaces of the pile 
and the surrounding foundation material; 
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(iii) transmit the load through weak material and support it by 
friction along the lower length of the pile which is embedded 
in a stronger stratum; 

(iv) strengthen the foundation material and increase its bearing 
capacity by compaction. 

The ultimate object of the designer of piled foundations is the 
determination of the safe load which can be carried by individual piles 
or by groups of piles. The total load to be supported must be carried 
in such a way that the distribution of load over the area of subsoil is 
regulated to suit the properties of the supporting stratum. Such estima¬ 
tion, though of necessity based on empirical findings, is considerably 
assisted by application of the principles of Soil Mechanics. 

11.1 SITE INVESTIGATION 

Before the correct type of foundation can be determined a full and 
careful investigation of the site should be made. Tests on soil samples 
and careful mapping of surface and underground conditions show 
whether a piled foundation is really necessary, or whether the pro¬ 
perties of the various strata permit of a more economic solution by the 
use of rafts or isolated footings. Such a decision is usually made after 
examination of Soil Mechanics evidence such as is considered in this 
book. 

The subject of site exploration is described in Chapter 14, and the 
significance of the results obtained forms the subject of discussions in 
other chapters. 

11.2 TYPES OF PILE FOUNDATIONS 

When the site investigation shows that a piled foundation is either 
a necessity or would be economically preferable to other types, the 
piling should be classified into one of the categories described below. 
For some of these the Soil Mechanics data obtained from site investiga¬ 
tion must be used in the design of the foundation.®® For other categories 
the problem falls outside the scope of Soil Mechanics and reliance must 
be placed on the results of loading tests or pile-driving formulas. 

Pile foundations may be classified as; 

(i) floating foundations in cohesive soil; 

(ii) floating foundations in cohesionless soil; 

(iii) end bearing foundations in or over cohesive soil; 

(iv) end bearing foundations in cohesionless soil. 

Floating Piles in Cohesive Soil 

Piles must be used with caution in cohesive soils. Driven into a 
strong compact clay, piles often reduce rather than increase the bearing 

15 
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capacity of the foundation. The act of forcing the piles into such clay 
results in a remoulding of the original structure of the soil, causing a 
loss of strength and a lowering of bearing capacity. If, however, the 
clay or silt is already weak, it may in certain circumstances be improved 
in bearing capacity. 

In Fig. ii6 it is assumed that the piles and the soil held between 
them act as one body in transferring the load to a deeper level and in 
resisting part of it by friction along the perimeter. The load at the 
base of the piles is equal to the load on the foundation less the shear 
resistance round the perimeter of the foundation. 

Using the symbols given at the beginning of the chapter, 

rpAi^qAx--LSc 

LSc 

or rp=q-^ 

The value of fp must be within the safe bearing value for the soil at 
depth z* The value of the piles lies in the reduction which they effect 



Fig. 116.—Floating Piles in Cohesive Soil. 


in the intensity of pressure on the soil and in the fact that they apply 
this pressure at a depth z where the bearing capacity is probably 
greater than at the surface. 

To make it economically worth while to use a floating pile founda- 

LSc 

tion in weak cohesive soil the reduction term should be large. This 

Ai 

term increases with increase in length of pile, cohesive resistance of the 
soil and perimeter of the foundation. It also increases with decrease in 
area of the foundation. Foundations of this type should therefore use 
long piles and high values of the ratio of perimeter to area. 

In other words, long friction piles supporting a narrow building 
have the effect of transferring the pressure bulb to a much lower level 
below the building and of reducing the stress within the foundation 
material. Under a wide building the same length of friction pile may 
cause little change in the pressure bulb as compared with that developed 
by a raft foundation. In cohesive soil the use of friction piles whose 
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length is only a fraction of the width of the building is thus a useless 
and even dangerous expedient and may result in weakened foundation 
material and in deleterious settlement. 

The value of c to be used in the above expression is a matter for 
conjecture. It is often taken as being equal to or a little less than the 
value of cohesion as obtained by the usual tests (Chapter 6). The 
remoulding which occurs when piles are driven into cohesive soil often 
alters considerably the properties of the material. Some idea of the 
altered cohesive resistance can be obtained by measuring the force 
required to withdraw the pile. The time effect is important: the 
resistance of the pile immediately after driving may be much less than 
it becomes some time after driving has ceased. 

Floating Piles in Cohesionless Soil 

The chief function of piles in foundations of this type is to increase 
the shear strength of the soil by compaction. The vibration caused by 
driving is sufficient to compact the sand, and when it has been so 
compacted the piles and sand act together as one block. Vibration of 
loose sand by pile driving, although effective in strengthening the 
foundation, is liable to have the effect of causing a contraction of 
similar material nearby and possible settlement of adjacent structures. 
Bulk density measurements of the sand should be taken and shear tests 
made at original and compacted densities. 

Bearing Piles over Cohesive Strata 

Piles which carry their load by point bearing should not bear directly 
on cohesive strata. Clays loaded in this way are likely to consolidate, 
and the possibility of differential settlement (Chapter lo) becomes a 
real risk. 

The function of bearing piles is to transmit load through weak 
material and apply it to a stratum which is capable of supporting the 
required intensity of bearing pressure. It may be, however, that such 
a stratum, composed perhaps of highly frictional gravel, overlies a 
stratum of cohesive soil at a greater depth. Whether the pressure from 
the piles is sufficient to cause consolidation and settlement of the 
underlying cohesive layer depends on several factors. 

The most important of these factors is the intensity of pressure 
applied by the foundation to the compressible layer. This pressure can 
be determined by the methods of Art. 9.2, and its magnitude gives 
some indication of the consolidation and settlement which can occur. 

A second important factor, and one which is related to the intensity 
of applied pressure, is the pre-consolidation pressure to which the clay 
layer has been subjected in its natural state. This can be found by 
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oedometer tests as described in Chapter 5. If the applied pressure 
transmitted to the clay stratum does not exceed this pre-consolidation 
pressure, little settlement is likely to occur. 

The pile may pass through a clay layer which is not relied upon 
for the sustaining of any load. The state of consolidation of such a 
layer should also be investigated, for should it consolidate later it 
would cause a downward drag on the pile and apply a load not allowed 
for in the foundation design. 

11.3 PILE-DRIVING FORMULiE 

The load which can be safely imposed on a single pile is often 
calculated from pile-driving formulae or from the results of test 
loadings. The numerous attempts which have been made to reduce to 
order the widely varying conditions encountered in constructing piled 
foundations have resulted in the production of many empirical 
expressions. 

These have usually been constructed by equating the energy applied 
in driving the pile to the work done in causing penetration. Allowances 
are made for the losses of energy which are known to occur but whose 
magnitude can only be estimated. Such expressions are called dynamic 
formula, in which the properties of the soil are quite inadequately 
represented by the measured penetration or set of the pile under the 
hammer blow. When the properties of the various foundation strata 
are examined by the methods of Soil Mechanics or used in an estimation 
of the possible resistance of a pile to long-continued static loading, the 
expressions which result are known as static formula. 

It cannot be said that either of these methods is adequate or con¬ 
sistent in estimating the possible loading on a pile: wide variations and 
much uncertainty occur. A confirmation or check can be obtained 
from a direct loading test on a typical pile—a method which appears 
to give a sound answer to the problem. Even the results of such a test 
must, however, be treated with caution and experience, especially in 
extrapolation to groups of piles and in application to cohesive founda¬ 
tion material. 

Dynamic Formulae 

The only important difference between the many dynamic formulae 
is in the classification and magnitude of the allowances made for 
energy losses. The useful work done by the impact of the hammer blow 
is represented by the product of the set or penetration of the pile 
and the resistance or force required to cause penetration. Of this 
quantity only the set can be measured, and the resistance must be 
calculated by deducting from the applied driving energy an amount 
representing the various losses. 



PILE-DRIVING FORMULAE 


229 


These losses are generally agreed to be caused by: 

(i) impact; 

(ii) compression of the driving cap or dolly; 

(iii) compression of the pile; 

(iv) deformation of the soil. 


Some piling formulae do not take into account every cause of energy 
loss. For example, the simpler formulae which neglect the weight of 
the pile give misleading values of the resistance when the applied 
driving energy is small. Other formulae do not account for the energy 
absorbed by the pile; thus on a heavy pile driven with a light hammer 
the set is quite small and the calculated value of the load bearing 
resistance may be false. 

The study of dynamic pile-driving formulae is outside the field of Soil 
Mechanics, but a “complete” formula is of the form®® 


Applied energy= useful work 4-loss in impact 4-loss in pile cap 4-loss 
in pile 4-loss in soil 
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and this type may be used when driving in cohesionless soil. 

In cohesionless soils a complete pile-driving formula, such as the Hiley 
formula,®^’®* which considers many possible losses, gives estimated 
loads which agree fairly well with tested results. No formula 
depending on measured set can, however, be trusted to give an 
adequate estimation of the safe load on a pile in cohesive soil. The 
resistance of cohesive soils to a dynamic blow gives no indication of 
its resistance to static loading, and certainly no information on possible 
settlement. 

In general, dynamic pile-driving formulae are unreliable unless their 
estimations can be examined in the light of past experience on similar 
sites or in conjunction with the results of carefully conducted loading 
tests. 


TABLE 25 

Comparison of Estimated and Test Loads on Piles 


Type of Pile 

Number of 
Soils Tested 

Relation of Calculated to 
Actual Ultimate Load 

Minimum 
(per cent) 

Maximum 
(per cent) 

Reinforced concrete 

11 

51 

630 

Steel 

II 

40 

370 

Timber 

8 : 

30 1 

290 
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The American Society of Civil Engineers’ manual*® notes the results 
of many full-scale tests and compares them with the estimated ultimate 
loadings as found from six or seven well-known dynamic formulae. 
Table 25 shows the wide scatter of the estimations made from the 
formulae, and based on data given in the manual, developed from a 
discussion by Greulich.’* 


Static Formulae 

The previous section has shown how little reliance can be placed on 
dynamic formulae in the calculation of the safe load to be placed on 
a pile. The wide discrepancies which have been shown to exist are due 
in part to the large number of variable factors encountered, and also 
to the lack of any real relation between the resistance of a pile to an 
impact load and its static load-bearing resistance. 

Knowing that there is this lack of relation, various investigators have 
put forward static formula which calculate the bearing capacity of a 
pile by a consideration of the properties of the materials through 
which it passes. These expressions indicate that the bearing capacity 
of the pile is represented by the passive resistance of the lowest stratum 
against the toe plus the friction^ load developed along the length of 
the pile. The bearing capacity of the pile can thus be represented by 
the equation 

Ra=-rj,A+fLp 

f being the average cohesive or frictional resistance (or a combination 
of the two) per unit area of embedded surface. 

As mentioned in Chapter 9, Meyerhof*® has extended the plastic 
theory of bearing capacity to deep foundations. From this an estimate 
can be made of the bearing capacity at the toe, if the cohesion and 
angle of shearing resistance of the soil at that depth are known. 

The evaluation of the second term depends on a knowledge of the 
frictional and cohesive properties of the various strata through which 
the pile passes. While it is possible and advisable to make an accurate 
site investigation by measuring the properties at all depths affected, 
it is certain that the remoulding of the soil caused by driving has the 
result of decreasing considerably the frictional resistance. On the other 
hand, this resistance usually increases as time passes after driving, but 
to what proportion of its original value is not certain. 

Penetration tests such as the Dutch deep-sounding method®® (see 
p. 301) are designed to separate the two components of the resistance 
of the pile. The value of the total friction on the pile is often obtained 
by measuring the force required to withdraw the pile. Such a test 
eliminates the unknown toe resistance, but the frictional resistance to 
pulling may be quite different from the friction overcome in driving^ 
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Static formulae and methods of calculating resistance from the fric¬ 
tional properties of the soil may give valuable indications of the 
bearing capacity, especially if related to well-conducted loading tests. 

One static formula by Benebenq*® reads 

^ tan*(45‘‘+^) 

In this expression, which is only applicable to homogeneous co¬ 
hesionless soil, the first term refers to point bearing and the second to 
frictional resistance. The implied assumption that the friction on the 
sides of the pile increases in proportion to the depth is incompatible 
with experience. 


11.4 LOADING TESTS 

The purpose of a loading test may be either to determine the 
ultimate bearing capacity of a pile or to check whether a pile can safely 
carry its design load as determined by one of the pile formulae. 
Provided the test is well recorded and carefully interpreted, the dead 
load which a single pile can support without excessive settlement may 
be used as an indication of the safe working load. The fullest possible 
information is required regarding the elastic and plastic settlements 
caused by the applied load. Without a complete set of data little 
intelligent estimation can be made. 

Loading Test Procedure 

Test loads may be applied in the form of kentledge placed directly 
on a platform on top of the pile, or indirectly at the end of a lever. 
Alternatively the test pile may be driven in by a hydraulic jack bearing 
against a rigid beam supported on two firmly driven anchor piles. 
The anchor piles should be at least 5 ft away from the test pile. 
Whichever method of loading is used it should be possible to load the 
pile gradually and to remove the load completely after each increment 
has been applied. 

When a load is applied to a pile the resulting settlement is made 
up partly of the elastic compression of the pile and partly of the plastic 
deformation of the soil. It is important to determine the ratio between 
these two deformations. The curve of load/settlement is shown in 
Fig. 117 as “total deformation.” If each increment of load is allowed 
to act until movement has ceased and then removed before the next 
increment is applied the permanent set or plastic settlement can be 
measured. Two such releases of load are shown in Fig. 117, where 
the distances from the origin to X and T represent the permanent 
settlements for the two loads concerned. If an ordinate is raised from 
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all points such as -Y or 2^ equal in height to the load on the pile be¬ 
fore release, a curve of permanent settlement/load can be drawn. At 
any load, such as is indicated by P, the elastic compression of the pile 
is shown as ML, the intercept between the curves of total and plastic 
settlement. 

From this value of elastic compression it is possible to make an 
approximate estimate of the effective length of pile I which is in action 



Fig. iiy.—L oad/Settlement Diagram for 
Test Pile. 


under the load. This length is not necessarily the whole length of the 
pile. The relationship defined by Hooke’s Law gives. 



whence /= 


EpAd 

I<7 


The resistance of the soil to the applied loading may be assumed to 
originate from the depth defined by /. When this depth is compared 
with the soil profile obtained during the site investigation the strata 
which are concerned in developing resistance can be identified. 

A simpler method of carrying a loading test is to plot each increment 
of load against the settlement reached when movement ceases, each 
increment being applied without removal of load. The ultimate load 
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which the pile will carry may then be shown by the flattening slope of 
the curve. A load factor of two or three can then be applied to deter¬ 
mine the working load. If the failing load is not clearly defined by a 
flattening of the curve, then one of the estimates of working load 
described in the next section may be used. 

To extract more information concerning the resisting capacities of 
the individual strata, piles may be driven to different depths and 
tested by static loading. In this way reliable indications can be obtained 
of the strength of different groupings of strata, and hence, by difference, 
of the strengths of individual layers. 


Interpretation of Loading Tests 

The data obtained by careful study of the elastic and plastic 
load/settlement diagrams furnish a reasonably accurate estimate of 
ultimate bearing capacity in cohesionless soils. In cohesive soils, how¬ 
ever, the data must be treated with caution. These load/settlement 
diagrams relate only to short-term loading; hence the settlement which 
occurs under a pile carrying a static load for a long period cannot be 
estimated accurately from a loading test. From the immediate intensity 
of loading applied to the soil it is possible to estimate probable final 
settlements by the methods of Chapter lo, but the deformations 
measured during the loading test are by themselves no sure guide. 

If the total deformation diagram in Fig. 117 is obtained without 
unloading at each increment, no information can be obtained con¬ 
cerning the ratio of elastic to plastic deformations, nor of the 
depth of the centre of resistance. Rule of thumb methods are, 
however, used to estimate, from the total load /settlement diagram, the 
safe bearing load on an individual pile. These approximate and em¬ 
pirical rules do not fall within the scope of Soil Mechanics, but five 
examples are quoted to give an indication of their variety. 

The safe bearing load on a single pile is variously given as: 

(i) half the load causing a total setdement of o*oi in. per ton of 
test load (without creep); 

(ii) half the load at which the rate of increase of total settlement 
exceeds 0*03 in. per ton of test load increment; 

(iii) half the load at which the total plastic settlement (settlement 
which is not recovered after removal of load) is 0-25 in.; 

(iv) two-thirds of the load causing a plastic creep of o*oi in. per 
ton of test load in twenty-four hours; 

(v) one-half to one-third of the load causing settlement equal to 
10 per cent of the diameter of the pile. 
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Example of Loading Test 

Suppose that a pile is loaded with kentledge or by jacks to give total 
loads of the following values: 

20, 30, 40, 45, 50 and 55 tons, 

and the final settlements after each increment of load when movement 
has ceased are 

0*01, 0*02, 0-07, 0*13, 0*20 and 0*35 inches 

If these figures are plotted it is clear that 55 tons may be assumed as 
the failing load. Using a load factor of 2, the working load on the pile 
is 27J tons. As a comparison, methods (i) and (ii) of the previous 
section give safe loads of 20 and 25 tons respectively from the same 
load /settlement diagram. 


11.5 BEARING CAPACITY OF GROUPS OF PILES 

It is shown on p. 226 that friction piles should be long in propor¬ 
tion to the breadth of the foundation if they are to be effective in 
carrying load. This statement indicates that there must be a con¬ 
siderable difference between the behaviour of a single pile and that of 
a group of piles, for their ratios of length of pile jbreadth of supported 
foundation differ. 

In designing a pile foundation, especially one supported on friction 
piles, it is not sufficient to multiply the estimated safe load for a single 
pile by the number of piles in the group. Fig. 100 shows that the 
pressure bulb for a wide foundation is larger than for a narrow footing 
and may reach strata well below the level at which the smaller 
pressure bulb ceases to have effect. 

Under a friction pile foundation a similar bulb of pressure is 
developed, and the width of this bulb may be considered to represent 
the effective area of soil supporting the load. Under a single pile this 
area is a much larger multiple of the area of the foundation than is 
the bulb under a group of piles (Fig. 118). 

The safe load for a given settlement as estimated for a single pile 
thus bears little relation to the load/settlement relation for a group. 
Further, along the length of a single friction pile the load may be well 
distributed, and the highest stress developed in the soil may be less 
than that caused under an ordinary footing. 

The highest stress is also applied at a lower level where the soil is 
likely to have a higher resistance. Under a wider foundation, where 
the ratio of length of pile to foundation width is smaller, the highest 
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stress developed under the group of piles does not differ much from 
that produced under a normal footing. Fig. ii8 shows that when the 
piles are long in relation to the width of the foundation the bulb is 
carried down to a lower level where the soil is more capable of carrying 
the stresses applied. When the piles are short in relation to the width 
of the foundation, the presence of the piles have little effect in altering 
the soil stress at any selected point below the foundation. 

The methods by which the results of test loadings on single piles 



may be applied to a group of piles are not yet presented in any definite 
form. Th(^re are so many variables that allowance can be made for 
the reduced supporting power of the group only by applying the 
results of experience in similar soils. 



CHAPTER 12 

ROADS AND RUNWAYS 


Notation 

y bulk density of soil 

dry density of soil 
m moisture content 

VO equivalent single wheel load on aircraft undercarriage 

p tyre pressure 


With the rapid increase in the wheel loadings of aircraft, and the 
simultaneous increase in tyre pressures, attention has been forcibly 
directed to the scientific design of roads and airfields. Both the road 
and the runway, it is agreed, must be constructed to withstand any 
loads imposed upon them, and the larger the load applied on a small 
contact area the more difficult become the problems of the road or 
airfield engineer. 

A road or runway usually consists of two parts: 

(i) the pavementy whose function is to distribute the effects of the 
wheel loads over a sufficient area of 

(ii) the subgrade^ or natural foundation material underlying the 
pavement. 

The pavement comprises one or more layers of artificially com¬ 
pounded material covered by a durable and waterproof running 
surface. The layers below the running surface are known as the base 
and sub-base. 

The way in which a surface-applied load is distributed through an 
ideal homogeneous elastic material is described in Chapter 9. The 
natural soil is neither truly elastic nor perfectly homogeneous, but the 
stress distribution within it is probably similar in character to that 
shown by the theoretical result of Chapter 9, where it is demon¬ 
strated that the stresses are highest near the surface of the material 
and decrease rapidly as the depth below the surface increases. 

The pavement can carry out its function only if its constituent layers 
are each of sufficient strength to resist the stresses imposed upon them, 
the greatest strength being required at the running surface. The thick¬ 
ness of each layer must be sufficient to ensure that the layer immediately 
below is not overstressed. The total thickness of the pavement thus 
depends on the magnitude of the applied load, its area of contact and 
the safe bearing pressure of the subgrade. 
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As a rule, the natural materials easily available on or near the site 
do not by themselves possess the properties required for a satisfactory 
pavement to carry modern traffic. The pavement must therefore be 
artificially constructed. Again, the subgrade in its natural condition is 
seldom sufficiently strong to carry the loads transmitted to it unless a 
thick and costly pavement is used to distribute them. The alternative, 
which is generally more economical, is to improve the properties of 
the natural subgradc in situ. 

The problem therefore resolves itself into two sections: 

(i) treatment to be applied to the natural subgrade in order to 
improve its bearing capacity; 

(ii) the economical design of the pavement in order to improve 
the properties of the materials used and to ensure the adequate 
distribution of the loads on the subgrade. 

The fundamental techniques by which the properties of natural 
materials can be improved are drainage^ gradings compaction and stabilisa^ 
tion. Drainage is studied in Chapter 13. 

Since the percolation of water always has a weakening effect on 
natural soils, a well-graded material which can be compacted to a 
high density, and therefore offer maximum resistance to percolation, 
is the most suitable for the subgrade. 

Many instances occur in America and elsewhere of roads for light 
traffic in which there is no pavement. The compacted or sometimes 
stabilised subgrade forms the running surface. In other instances a thin 
wear resisting and waterproofing surface is applied to the prepared 
subgrade. 


12.1 COMPACTION 

It is important that the differences between compaction and consolida- 
tion should be clearly understood. 

Consolidation refers to the gradual expulsion, by continued pressure, 
of water from the pores of saturated cohesive material, with consequent 
reduction in volume (Chapters 5 and 10). 

Compaction is the packing together of soil particles with the expulsion 
of air only. It is accomplished by rolling, ramming or vibration, and 
results in a decrease in the volume of air voids and an increase in 
the density of the soil.®® 

The object of compaction is to improve the desirable qualities of 
the subgrade. Three of the properties which are of importance in road 
and runway construction are: 

(i) high shear strength; 

(ii) low permeability and water absorption; 

(iii) little tendency to settle under repeated loading 
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In considering how compaction can be profitably applied to the 
subgrade intended to carry a road or runway it is necessary to know: 

(i) the state of compaction of the material as it occurs naturally 
in the subgrade; 

(ii) the maximum compaction which it is possible for the material 
to attain; 

(iii) what proportion of the maximum compaction can be 
achieved by field equipment on the site. 

State of Compaction of the Natural Material 

The state of compaction of any material is measured by the dry 
density of the material. Two figures are required for the determination 
of the state of compaction: 

(i) the bulk density y of the material—the weight in lb/ft® of the 
material in its natural state; 

(ii) the natural moisture content of the material, m. 

These measurements are discussed on pp. 49-52. The dry density 
Yd is given by 


Standard Test for Maximum Compaction 

If a soil is compacted to the state when all air voids have been 
removed but no moisture expelled, it is said to have reached saturation^ 
and its dry density is then the maximum possible. For any given 
moisture content this saturation dry density can be calculated if the 
specific gravity of the particles is known. For construction in the field 
this is an impossibly high standard of compaction, and some lower 
arbitrary density must be chosen as the maximum state of compaction 
attainable. 

The generally accepted maximum dry density is defined by the 
Proctor test, which employs a cylindrical mould io ft® in volume 
(Fig. 119). It is filled in three layers, each layer of the soil being 
compacted by twenty-five blows of a standard rammer which weighs 
5*5 lb and drops 12 in. at each blow. The mould is fitted with a 
detachable collar which enables the soil to be compacted to a level 
slightly above the rim of the mould itself. The collar is then removed 
and the surface carefully struck off level with the rim. The bulk density 
is obtained by weighing the mould, and a small portion of the soil is 
taken for moisture content determination. From these measurements 
the dry density is calculated. The test is repeated for a wide range of 
moisture contents, and a curve is plotted showing dry density on a 
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base of moisture content (Fig. 120). The moisture content at which 
the maximum density is reached is known as the optimum moisture 
content. This test has been adopted in B.S.1377 ; 1948.^® 

As field compacting equipment became heavier and more efficient, 



Fig. 119.—Compaction Test Apparatus. 


and airfield foundations required heavier compaction, a second and 
denser standard was devised by the American Association of State 
Highway Officials. The same mould is used, but the compaction is 
effected by twenty-five blows of a lo-lb rammer dropped 18 in. on 
each of five layers of soil. 
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The compaction obtained by the standard Proctor test (or by the 
modified A.A.S.H.O. test if heavy compaction is in question) is con¬ 
sidered to be the maximum or lOO per cent compaction. Any other 
state of compaction reached, whether in natural or in artificially 
stabilised material, is defined as a relative compaction^ the dry density of 
the soil being expressed as a percentage of the standard maximum 
dry density. 

Moisture /Density Relationship 

The state of compaction reached in the Proctor test varies with the 
moisture content of the material. When the soil is wet it is possible for 
the standard number of blows to reduce considerably the few voids 
not occupied by water. The dry density reached may thus approach 



Moisture content in percent. 

Fig. 120.—Moisture/Density Relationships. 

the saturation dry density, which, because of the presence of a large 
amount of moisture, is quite low (A in Fig. 120). On the other hand, 
when the moisture content is low the theoretical saturation dry density 
is high. In this condition no amount of compaction is sufficient to 
cause much reduction in the air voids, as there is insufficient moisture 
to provide the lubrication necessary to enable the particles to pack 
closer together under the blows. The final dry density reached may 
thus be quite as low {B on curve in Fig. 120) as when the soil is wet. 

At some intermediate moisture content there is an optimum point 
at which the standard compaction results in a maximum dry density. 



COMPACTION 


241 


This dry density (point C), obtained at the optimum moisture content, 
is the figure adopted as loo per cent compaction when measurements 
of relative compaction are made. 

Effect of Compaction on Soil Properties 

If the amount of compaction is increased beyond the amount defined 
by the standard Proctor test, the moisture-density curve appears at a 
higher level and further to the left. The curve for heavy compaction 
in Fig. 120 illustrates this. In other words, with heavier compaction 
the optimum moisture content decreases and the maximum dry density 
obtained increases. Thus, if a material is drier than that having the 
optimum moisture content as shown by the standard test, it may either 
be wetted in order to bring it to that moisture content before com¬ 
paction or it may be compacted in the drier state by giving it a greater 
amount of compaction. If the material is wetter than the optimum, 
no extra compaction will increase the dry density beyond that shown 
by the normal moisture-density curve. Whatever the amount of com¬ 
paction used, three to five per cent of air voids is left in the soil, even 
when the maximum dry density is attained. 

As is to be expected, the shear strength of soil increases with the 
amount of compaction applied. The more the soil is rammed or rolled 
the greater is the value of the cohesion and of the angle of shearing 
resistance. Comparing the shear strength with the moisture content for 
a given degree of compaction, it is found that the greatest shear strength 
is attained at a moisture content lower than the optimum for maximum 
density. It might be inferred from this that it would be an advantage 
to carry out compaction at the lower value of the moisture content. 
Experiments at the Road Research Laboratory, however, have indi¬ 
cated that soils compacted in this way tend to take up moisture and 
become saturated, with consequent loss of strength. 

Road and runway foundations are subjected to static and repeated 
loading, and both of these are liable to cause some settlement. 
Static loading does not present a serious problem provided that 
the consolidation pressure exerted by the static load is not greater 
than that equivalent to the compaction previously applied to 
the soil. 

Repeated loading is much more serious, for whatever the state of the 
soil some settlement occurs. Such settlement, if excessive, is likely to 
be harmful to rigid pavements such as concrete slabs. The drier and 
more compact the soil the less will be the settlement and the less the 
damage done to the pavement. Compaction, in addition to improving 
the other desirable properties of the soil, reduces the settlement 
produced by static and dynamic loading. 

i6 
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Compaction in the Field 

Laboratory tests can show the value of the dry density obtainable 
with a given soil, and at what optimum moisture content this density 
can be reached under specified methods of compaction. In order that 
embankments or subgrades of roads and runways may be in the most 
suitable state for carrying traffic, these laboratory conditions must be 
translated into practice so far as is possible. The two necessary factors 
are: 

(i) the adjustment of the natural moisture content in the soil to 
the value at which field compaction is most effective; 

(ii) the provision of compacting equipment suitable for work on 
the site. 

By pulverising the soil, with or without the addition of water, 
the moisture content can be adjusted, especially in silty and gravelly 
soils. With heavy clays more difficulty is experienced, and heavier 
equipment may be employed. 

Rolling, ramming and vibrating are all methods of compaction 
which are used for natural soils. The “frog-rammer” is very effective 
and can compact thicker layers of soil than other types of compacting 
equipment, but the moisture contents at which it operates best are 
somewhat low for the climatic conditions in this country. Moreover, 
its output is small compared with that of rollers. Rolling is the most 
usual method, and the most readily useful for road and runway con¬ 
struction. There are five types of rolling equipment: 

(i) smooth steel-wheeled rollers; 

(ii) sheepsfoot rollers; 

(iii) pneumatic-tyred rollers; 

(iv) lorries and pneumatic-tyred construction equipment; 

(v) track-laying tractors. 

In Chapter 9 it is shown how rapidly stress decreases with depth. 
This indicates that for eflicient compaction use should be made of high- 
intensity, large-area pressures applied to thin layers of the material. 
Pneumatic-tyred and sheepsfoot rollers have been developed with the 
object of applying these high intensities of pressure, and the larger and 
heavier types of these rollers have proved more efficient than the 
lighter ones. 

The type of roller equipment used and the intensity of pressure 
applied must, of course, be adapted to the material under compaction. 
The soil, for example, must possess sufficient resistance to plastic 
deformation to allow a compacting stress to be developed. If such 
resistance to deformation is not present, as, for example, in a wet 
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clay, a high intensity of rolling stress causes large deformations, and 
no compaction results. 

When we consider a layer of loose soil or stabilised material having 
perhaps a relative compaction of about 70 per cent of that obtained 
by the British Standard test and the object is to compact this to, say, 
95 per cent relative compaction, it is natural to think of rolling so that 
the bottom layers are compacted first. A high intensity load is required 
which will penetrate through the loose material and gradually “ride 
out” to the surface. This conception produced the sheepsfoot roller 
with tapered feet, which gives a high intensity of loading, or with 
club feet, which gives a greater coverage for each pass of the roller. 
In 1950 the Road Research Laboratory published the results of full- 
scale compaction tests on five different soils with five different rollers®^ 
and it must have come as a surprise to many engineers to find that the 
sheepsfoot roller had a poor performance and that there is no funda¬ 
mental difference between it and the smooth-wheeled roller. There 
was no evidence that the sheepsfoot roller compacts from the bottom up. 

Since the 1950 Technical Paper appeared, the Road Research 
Laboratory has carried out more work, and has published another 
paper on the subject of compaction.®® The results of all these studies 
show that the smooth-wheeled roller (8 tons) is the most generally 
useful compaction plant, being at its best on sand and gravel-sand-clay. 
Sheepsfoot rollers are effective in compacting dry clays, and are thus 
not likely to be suitable for British conditions, although effective in 
dry areas. 

Some interesting general points appeared from these full-scale tests. 
None of the rollers was able to compact the soil effectively if the depth 
was greater than 6 in. when compacted (about 9 in. loose). The soils 
with higher moisture contents were compacted with fewer passes than 
were those with lower moisture contents. 

In Britain, work has been done with a vibrating plate, and vibrating 
rollers. The plates can compact material in places where no roller could 
operate. These pieces of compacting plant run at 1000/1800 cycles 
per minute, and are available in weights between 4 cwt and 2 tons. 
The lighter German plate compactors of no and 330 lb weight are 
effective in confined places. 

Vibratory compaction by the insertion of an enclosed tubular vibrator 
has long been known in concrete work. This method has been extended 
to deep foundations on loose granular soil, the method being known as 
vibroflotation. The vibrator is 6 ft long and 15 inches diameter. Jetting 
of water or cement grout at 60 gallons per minute allows of the movement 
of the vibrator and assists in the compaction of the material. 

Whatever type of compaction is adopted, the object is to produce a dry 
density approximating to the maximum dry density of the B.S. test. As a 
guide to the standard of compaction which may be expected, Table 26 
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gives a summary of a compaction specification devised by the Americafi 
Association of State Highway Officials. 


TABLE q6 

Materials for Earthworks and Subgrades 
{Digest of A.A,S»H,0» Specification) 


^ . Best 

Construction , Material 

Material requiring 
Special Attention 

Dry 

Density 

Embankments 
more than 

50 ft high 

Ai* to A3 

A4 to A7 

Not less than 
120 Ib/ft* 

Embankments 
less than 

50 ft high 

Ai to A3 

A4 to A7 

Not less than 
90 Ib/ft* 

Subgrades 

Ai to A3 

! 

A4 to A7 

if compacted to 95% 
relative compaction 

I 

[ 


♦ See Table 3. 


In order to check whether the compaction in the field is being 
carried out under conditions of optimum moisture content, an instru¬ 
ment known as the plasticity needle is sometimes used. This consists of 
a rod with an enlarged flat end which is forced 3 in. into the soil at 
approximately 0*5 in. per second against the compression of a spring. 
The instrument is graduated to show the force on the needle in pounds. 
Different-sized ends are provided ranging from 0*05 to i-oo in.*, and 
the plasticity needle reading is recorded as the pressure in lb/in.* of 
bearing surface. To correlate the plasticity needle readings with the 
moisture content the needle is pushed into each sample during the 
Proctor compaction test, and a calibration curve is drawn showing the 
plasticity needle reading plotted against moisture content. Thus the 
readings obtained from in situ tests immediately after rolling give an 
indication of the actual moisture content at which the soil has been 
compacted, and therefore of the density which has been attained. 

The degree of compaction attained in the field is best checked by 
measuring the density by one of the methods described on p. 51. 
The moisture content of the samples must also be determined in order 
that the dry density can be calculated. 
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12.2 STABILISATION 

It often happens that compaction alone is insufficient to bring the 
bearing capacity of the subgrade up to the required value, and it 
becomes necessary to increase that capacity still further. The term 
stabilisation is applied to processes of strengthening or preserving the 
stability of a base, or sub-base course. 

From the point of view of bearing capacity the best materials are 
those which derive their shear strength partly from friction and partly 
from cohesion. Thus a subgiade material which is deficient in either 
of these qualities can be improved by the addition of some other 
material which will supply the deficiency. For example, the bearing 
capacity of clay can be increased by the admixture of sand and gravel, 
while coarse-grained material has its cohesive properties improved by 
the addition of a binder such as cement, tar, or bitumen. In fact this 
principle of mixing a well-graded aggregate with a binder is the 
foundation of all methods of road construction from the original water- 
bound macadam road to the most modern surfaces and foundations. 

Again, assuming that the desired strength has been attained by 
compaction, this strength must be permanently maintained. The chief 
agencies tending to change the state of the material and reduce its 
strength are rain and frost. The effect of frost is discussed on p. 76, 
but the entrance of moisture directly through the top and sides of the 
base, or indirectly from below by capillary rise, is also a potent agent 
in the weakening of the compacted material. There are several methods 
by which some assurance can be reached that the compacted material 
will substantially retain its original moisture content and strength:®*' 

(i) prevention of surface water from entering the soil by an 
impervious upper layer (e.g., concrete or asphalt); 

(ii) removal of surface water and some, at least, of the subsoil 
water by an adequate system of drainage (Chapter 13); 

(iii) use of material whose strength is dependent mainly on fric¬ 
tional resistance and is unaffected by alteration in moisture 
content. 

The processes of stabilisation may therefore be grouped under two 
headings: 

(i) the raising of the bearing capacity of the material by the 
addition of aggregate or binder; 

(ii) the preserving of the stability of the material by the use 
of waterproofing techniques. 

Some methods of stabilisation, e.g. the use of bitumen, are really 
a combination of these two. 
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Mechanically Stable Bases and Subgrades 

The oldest type of stabilised road is that composed of material 
relying on frictional resistance for its strength. Road bases of stone 
pitching or of tipped hardcore and macadam roads using smaller stone 
are common in Britain. Similar road bases of graded stone are used in 
other countries, particularly in the U.S.A., where “gravel” roads cover 
a greater mileage than other types. In all these methods of construction 
the object is to produce a material of high shear strength which is not 
affected by changes in moisture content. The bulk of such a material 
must be granular, but sufficient fine material must be incorporated to 
form a binder holding the granular mixture in place. It has been 
found that mechanically stabilised bases of this kind give best results 
when well graded. Various specifications have been published to guide 


&. S. Sieves 



Fig. 121.—Gradings for Mechanically Stable Bases. 


the engineer in the choice of materials (Fig. 121) and in the propor¬ 
tioning of the various sizes to obtain the maximum stability. To make 
a chosen material mechanically stable its grading should be adjusted 
to fit one of the ranges of Fig. 121, the fine material being just sufficient 
to act as a binder. 

If the base is to be unaffected by increase in moisture content, the 
fine binder material—represented by the toe of the curve adopted 
from Fig. 121—must not swell and boil through the base under the 
action of water and traffic. As a general guide it may be assumed that 
a granular material of good grading and containing only fifteen to 
twenty per cent of clay or fine binder will be stable. The A.S.T.M. 
specification goes further and restricts the binder to a coarse silt by 
defining the plasticity index (^6) and liquid limit (^>25) of the 
fines (material passing B.S. Sieve No. 36). 

In some parts of the world, including several areas in Britain, natural 
material is found complying with the requirements for stability, and 
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only compaction is necessary to produce a reliable subgrade or base, 
but in most districts some material has to be brought to the site and 
mixed with the soil to correct the natural grading. For example, a 
loose granular material, likely to furrow under traffic when dry, may 
be stabilised by the addition of a clay binder. Conversely, clay may 
be stabilised by the admixture of suitable granular material. Thorough 
mixing is essential, and rolling must be carried out at the optimum 
moisture content to achieve as high a relative compaction as possible 
—up to ninety-five per cent in suitable conditions. 


By Use of Portland Cement 

When it is impossible or impracticable to produce a mechanically 
stable base the natural stability of the available material may some¬ 
times be improved by the use of admixtures of Portland cement. 

TABLE 27 

Properties of Soil-cement 


Soil Classification 

Group I 

Group 2 

Group 3 

Group 4 

Effect of Cement 
Treatment 

Shows very 
marked 
hardening 

Shows 

marked 

hardening 

Shows sub¬ 
stantial 
hardening 

Cannot be 
successfully 
treated 

Types of Soil 

Predomi¬ 

nantly 

sandy 

Silty 

Clayey 

Peaty and 
highly or¬ 
ganic— 
heavy clays 

Liquid Limit 

Less t] 

lan 50 



Plasticity Index 

Less than 25 



Clay Content 
(<0*005 mm.) 

Less than 35% 



Minimum Compres¬ 
sive Strength 

250 Ib/in.* at seven days 
after moist curing 


Allowable losses dur¬ 
ing Durability Tests 
on Dry Weight 

Basis 

Less than 

14% 

Less than 
10% 

Less than 
7 % 


Maximum Allowable 
Volume Change 

a% 

2% 

2% 


Normal Minimum 
Cement Content on 
Dry Weight Basis 

6-10% 

8-ia% 

10-14% 
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Portland cement can be used in two ways. It may form a constituent 
of “Lean-mix Rolled Concrete,” which is merely a weak concrete 
compacted by rolling with smooth-wheeled rollers. This forms a rigid 
base of higher strength than is attained by “soil-cement,” the other 
use of Portland cement as a stabiliser. 

Soil-cement is a true stabilised soil. The pulverised and compacted 
material is strengthened, and some assurance is also gained that the 
moisture content is not likely to vary appreciably. 

Fig. 122 shows the wide grading range which is suggested as a guide 
by the Highway Research Board of the U.S.A. Hardening of soil-cement 
may be retarded by the presence of organic matter, but the magnitude 
of the effect is dependent more directly on the type rather than on 
the quantity of organic matter present.^^ The most active agents in 
retardation are glucose and nucleic acid. The retarding effect can be 
overcome by the addition of calcium chloride to the cement. The 
suitability of soil for strengthening by Portland cement is best judged 
by experimental tests. 
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Fig. 122.—Gradings for Soil-cement Construction. 


In the U.S.A. the criterion adopted is usually that of satisfactory 
durability. Specimens are subjected to cycles of wetting and drying 
and of freezing and thawing. The allowable loss of weight is from six 
to fourteen per cent, depending on the type of soil. Table 27 gives a 
summary, published by Catton,**^ of the test requirements for soil- 
cement. 

In Britain investigations at the Road Research Laboratory have 
shown that the compressive strength attained at seven days is an 
acceptable index of the suitability of the soil for use in soil-cement 
construction. Markwick suggested a minimum strength of 250 lb /in. * 
on a 3-in. vibrated cube.®® Now, it is more usual to obtain the uncon¬ 
fined compression strength of the sample from a cylinder of a height 
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equal to twice its diameter. B.S. 1924: 1957’’ gives full instructions on 
the procedure to be adopted. If the stabilised soil is suitable for use its 
compressive strength should be at least 250 Ib/in.^ at 7 days. Strength 
tests of this kind are suitable for preliminary investigation of the soil, 
but they should be corroborated by durability tests before full-scale 
operations are undertaken. 

The proportion of cement required to produce the minimum 
strength is a useful indicator of the presence of deleterious organic 
matter. The percentage of cement normally required should be 
between eight and fourteen per cent. Large cement contents are 
unnecessary and undesirable. Almost any soil, in fact, can be assisted 
in its stability by the use of cement, but stabilisation of some soils 
(particularly clays) is not economic, and would, therefore, not be 
attempted unless no other means could be adopted to attain the strength 
required. 

There is no way of deciding in advance the most suitable water- 
cement ratio for soil-cement, but the best results are obtained when 
the rolling is carried out at the optimum moisture content as deter¬ 
mined by the Proctor compaction test on the soil used. These con¬ 
ditions are also the best conditions for durability. 


By Use of Bitumen 

The formation of sand-asphalts is a method of soil stabilisation as 
important as soil-cement construction. The technique employed varies 
with the prevailing climatic conditions, the choice of major methods 
depending on how rapidly the prepared soil dries out. Whatever 
method is employed, the object is to coat individual grains with 
bitumen, and to ensure this result the stabiliser may be used as an 
emulsion, as a cut-back bitumen, or as a cut-back bitumen mixed 
with wax or a wetting agent. Bitumen is incorporated in the sand to 
provide cohesion and waterproofing, and the types of soil generally 
treated in this way are clean sands or sands containing a small amount 
of cohesive material. In general, bituminous stabilisation is of most 
value in granular soils. The stabilisation of clays by bitumen, although 
possible, is uneconomic, requiring the expenditure of a large amount 
of power. 

Bituminous emulsions contain forty to fifty per cent of water and carry 
the bitumen in a finely divided state. Further, this type of stabiliser is 
quite liquid and mixes well with sand, forming a slurry. As the water 
evaporates and the slurry dries out, the emulsion is broken and the 
bitumen deposited on the sand grains. When the moisture content 
drops to the optimum, compaction can be carried out. Bituminous 
emulsion is essentially a waterproofing agent preventing the rise of 
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capillary moisture. The bearing value of the soil must be developed by 
suitable grading. 

The success of stabilisation by bituminous emulsion depends on the 
rapid drying out of the mixed material to a condition suitable for 
compaction. In Britain such drying out is problematical or slow, and 
other methods of using bitumen are of more value, although bitu- 
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Fig. 123.—Gradings for Wet-sand Mix. 


mi nous emulsions are assisted in drying out by the addition of a small 
quantity of Portland cement (British Patent 557426). 

Sand-mix is the term describing the use of cut-back bitumen for the 
stabilisation of sand. Bitumen is cut back by the addition of a solvent 
or flux. When a light petroleum oil is used as a flux, the material is 
rapid-curing (RC). Oils such as certain paraffins give the MG or 
medium-curing grade, and a still heavier oil results in a slow-curing (SC) 
bitumen. 

In Britain most of the sand to be stabilised is damp, there being few 
occasions when perfectly dry material is encountered. Ordinary cut¬ 
back bitumen will not mix easily with wet sand, and a special oil and 
special techniques have been developed for use under conditions 
encountered in this country. 

In the wet-sand mix process the soil is first mixed with about two 
per cent of hydrated lime. Cut-back bitumen is next added, the cut¬ 
back being usually a proprietary material called Special Road Oil 
(SRO) The phenol incorporated in the cut-back forms a soap with 
the lime, causing a slight emulsification and so distributing the finely 
divided bitumen throughout the sand. There is also some reduction 
of surface tension and a consequent wetting effect. The smallest 
possible amount of binder is used, usually between five and eight 
per cent. 
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The wet-sand mix is best made with clean sand, but no definite 
grading can be given. Fig. 123 merely indicating broadly the type of 
grading which has been found to give satisfactory results. The mois¬ 
ture content should normally be more than four per cent. 

A type of cut-back bitumen incorporating paraffin wax, of which 
Shell Stabilising Oil (SSO) is an example, is the most highly water¬ 
proofing of these stabilisers. The content of wax is normally about four 
per cent, but less petroleum binder is used (about three per cent) 
than in the wet-sand process, and the cohesion is provided by 
the clay content in the soil. As with other cut-back bitumens, one 
to two per cent of lime should first be incorporated in the soil. Waxed 
cut-back bitumen can be used cold or hot and gives a much better 
waterproofing effect than other bitumen mixes, maintaining the 
moisture content relatively constant. 

TTie Capillary Water Absorption Test indicates whether the bitumen- 
stabilised soil is satisfactory. Standard specimens with waxed sides are 
set on end on a piece of filter paper resting on a wet layer. Each 
specimen is weighed at intervals up to fourteen days. The amount of 
capillary water absorbed should represent only a very small proportion 
of the weight of the original material. For example, with two and a 
half per cent of SSO about two and a half per cent of water may 
be absorbed, and with four per cent of SSO the absorption is in the 
region of one per cent. 

By Use of Resins 

An important method of soil stabilisation is by the use of resins. These 
are waterproofing agents having a similar action to the waxed cut-back 
bitumen. The soil should be pre-treated as for bitumen treatment by 
mixing it with about one per cent of lime. The resin used is a proprietary 
material and only about one to two per cent is required. Resins, like 
bitumen, extend the range of soils which may be stabilised to soils 
having poor grading and insufficient cohesion. 

The resins, applied either as an intimately mixed powder or as a 
slurry, spread out in extremely thin water-resistant layers within the 
voids of the soil, forming water-repellent barriers to capillary rise. No 
other stabiliser is effective in such small quantities, only 4 to 10 lb 
being required per sq yd of 6-in. thickness. The material must, of 
course, be given optimum compaction. 

Site Operations*’ 

When the various tests on the available materials have been made 
and the type of stabilisation decided upon, there remains the problem 
of translating these findings and decisions into practice. The two prin- 



252 


ROADS AND RUNWAYS 


cipal requirements are means of thoroughly mixing the materials into 
a homogeneous soil at the most suitable moisture content and means of 
adequate compaction. Whether for the natural subgrade or for arti¬ 
ficially compounded base layers, the methods of compaction are those 
already described on p. 242. The present section deals, therefore, with 
mixing machinery and techniques. 

Throughout the mixing operations and during all further steps in 
the production of the base the longitudinal and transverse levels must 
be carefully checked and the surface level never permitted to deviate 
much from the required gradients. The first operation is a rough 
grading of the subgrade and the spreading over the surfaee of any 
material required to improve its mechanical stability. These operations 
can be performed by blade graders, which should have a blade about 
12 ft long. Graders may be tractor-drawn or self-propelled. 

The soil is broken down so that the stabilising agent may be thoroughly 
and intimately mixed into it. Pulverising plant has been developed 
from the agricultural machinery originally used. The most effective 
work is done by rotary tillers after tractor-drawn ploughs have carried 
out the initial breaking-up. All the material should be well pulverised 
to a depth exceeding that of the compacted soil, and most of the soil 
should pass a iVinch sieve. Large stones should be removed. 

If stabilising agents are to be added to any layer of the base or to 
the subgrade, three methods of incorporation may be employed: 

(i) Plant-mix .—^All the material passes through a stationary plant in 
which it is brought to the correct moisture content and in which the 
stabilisers are incorporated. 

(ii) Mix-in Place .—The whole of the mixing is done over the area of 
the site, the material being maintained at its correct level throughout, 

(iii) Travel-mix .—The material is piled into windrows, from which 
it is lifted by bucket elevator, passed through a mixing plant moving 
slowly along the windrow and discharged once more into a windrow 
of soil mixed ready for spreading and compaction. 

Of these three methods, (ii) and (iii) are the most costly, (iii) being 
used only for large outputs and continuous working. Method (iii) is 
used for all types of stabiliser and (ii) chiefly for soil-cement and, some¬ 
times, for resin stabilisation. 

Mix-in-place Method for Soil-cement .—Five steps are identifiable in this 
process—pulverisation, distribution of cement, dry mixing of cement, 
wet mixing, and compaction. 

Distribution of the cement is best accomplished by a mechanical 
spreader which distributes the correct amount of portland cement over 
the pulverised soil. The soil is then mixed by rotary tillers or pulverisers 
to a uniform colour and texture. This dry mixing is followed by 
grading and the addition of water to bring the moisture content to 
about two per cent above the optimum. The addition of the water 
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and the wet mixing should be carried out as quickly as possible. The 
soil-cement should be cured in a damp condition, as is done for 
concrete. Single-pass machines, in which all the steps are carried out in 
one operation, are more efficient than multi-pass machines and can be 
used for a wider range of soils. They have several other advantages, 
such as that of affording the possibility of stopping the work on the 
approach of bad weather, or at a fixed time each evening. 

Travel-mix Method ,—Tlie type of travel-mix plant usually employed 
consists of a loader and a mixer. The loader provides the motive power 
and comprises a bucket elevator which lifts the soil in the windrow 
into the pugmill mixer, where it is mixed with water and with liquid 
stabilisers when these are used. Powdered stabilisers, such as resin or 
Portland cement, are distributed ahead of the load and lifted from 
the windrow by the bucket elevator along with the soil. 

After mixing, each windrow (whose size is sufficient to cover a 20-ft- 
wide strip) is spread and compacted. With Portland cement this 
should be done as quickly as possible before setting of the cement 
takes place, but with bitumen the final spreading may be delayed if 
found necessary. 

The windrow and travel-mix method of operation is very much less 
liable to disturbance by weather conditions than is the mix-in-place 
method. There is little or no evaporation from the interior of the 
windrow, and rain runs off the steep sides without seriously altering 
the moisture content. 


12.3 DESIGN OF PAVEMENT THICKNESS 

After having decided how best to improve the properties of the natural 
materials at hand, the engineer must relate these natural properties to 
the required thickness of pavement. The thickness must be such that 
no layer of the pavement is overstressed, nor is the subgrade overloaded. 
The fulfilment of these conditions evidently depends on the properties 
of the subgrade and on the distribution of the stress through the 
pavement. 

Pavements are often referred to as flexible or rigid. The former 
term is applied to the macadam type of construction, while the latter 
is usually assumed to indicate concrete. These two types are more 
suitably described as non-tensile and tensile respectively. A tensile 
pavement resists the load partly by the development of tensile stresses. 


Equivalent Single Wheel Load 

One of the problems which beset the designers of runways is that of 
deciding on the values of the loadings applied by the various aircraft 
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undercarriages. If the undercarriage carries a single wheel, the effect 
of the pressure exerted on the runway can readily be determined. 
For the largest types of modern aircraft the concentration of the load 
on a single wheel would demand runway strengths which could not 
be provided economically. It is usual, therefore, to carry the weight 
of such aircraft on groups of wheels. The groups carried by each main 
undercarriage are usually two wheels side by side, two in tandem, 
four on a single bogie, or even eight tyres on a single bogie. Such 
dispersion of the load, of course, reduces the stresses in the pavement 
and subgrade. 

For the purposes of design it is more convenient to calculate runway 
strengths from the relatively simple application of a single wheel load. 
The problem then arises of deciding, numerically, the alleviation of 
load which has been achieved by its dispersal through two or more 
wheels. This alleviation is measured by the value of the Equivalent 
Single Wheel Load which has been defined®^ as “the isolated single 
wheel load which, operating at a specified tyre pressure, produces 
critical effects in a particular airfield surface, base, and subgrade 
equivalent to those produced by the group of wheels.” 

Since the criterion used to determine safe loading is the load at 
which failure of the runway takes place, the equivalent single wheel 
load for any aircraft and runway depends on the method of failure. 
For flexible pavements failure usually follows movements of the sub¬ 
grade, while for concrete pavements initial cracking of the surface is 
more likely as the primary cause of collapse. 

The thickness of the pavement also governs the amount by which 
the separate effects of the wheels of the undercarriage are combined 
at subgrade level. At an inch below the surface it is clear that the stress 
depends only on the wheel in immediate contact with the surface, 
while at some greater depth, depending on the spacing of the wheels, 
the effects of nearby loads becomes noticeable. 

There is no simple solution to the problem of determining an 
equivalent single wheel load. For a given aircraft and main under¬ 
carriage there arc different equivalent single wheel loads for each 
different set of runway conditions. The alleviation of pressure achieved 
by the use of tandem, twin, and twin-tandem arrangements depends 
on the individual spacing of wheels, the total loaded area in contact 
with the surface, and on the stiffness of the slab. The data for four 
modern aircraft examined by the Authors showed an E.S.W.L. of 
from 50 to 60 per cent of the total undercarriage load, but for a four- 
wheel bogie the equivalent figure varied between limits of 30 and 65 
per cent. The most authoritative statement at the time of publication 
is that by Cooper®* to which reference should be made for details too 
complex to be included in this review of the problem. 
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Effect of Tyre Pressure 

Because of constructional problems facing the designer of aircraft, 
there is a tendency towards the use of ever increasing tyre pressures in 
the wheels of undercarriages. This has the effect of applying a given 
load at a greater intensity of contact pressure over a smaller area, and 
thus inducing in the soil at any given depth a greater intensity of 
stress. Methods of pavement design which utilise load values without 
reference to tyre pressure thus implicitly assume that the tyre pressures 
in use when the method was devised continue to operate. If tyre 
pressures increase such methods tend to give pavements of insufficient 
thickness, unless some modification is made. 


Survey of Methods of Pavement Design^^ 

There are at least three ways in which the thickness of a pavement 
or of one of its layers can be designed. The first is to use an empirical 
index which is related to the soil material supporting the pavement 
or to the loading conditions. This relation of the thickness to external 
and unrelated conditions depends on the experience gained in the past 
with pavements on various types of subgrade and under different con¬ 
ditions of loading. One such index is developed from gradings and 
Atterberg limit results; another is based on wheel loads and tyre 
pressure. 

A second and more commonly used procedure is to link a test of 
soil strength with the theoretical stresses imposed in the pavement 
and subgrade. The validity of this approach must be checked against 
observed pavement failures. The most commonly used measure of soil 
strength in this method is that of shear strength. 

Methods of the third type make no reference to theoretical stresses, 
but relate a test of soil resistance with the successes and failures ob¬ 
served in practice. An important method in this category is that employ¬ 
ing the California Bearing Ratio. 

Another method, which does not fall exactly into either of the above 
categories, is Westergaard’s method for designing concrete pavements. 
The stresses in the pavement are analysed mathematically, assuming 
elastic properties for the supporting subgrade. The problem of deciding 
on a design thickness of concrete slab to form a running surface con¬ 
stitutes, however, a separate and special problem. It has been found to be 
strongly influenced by factors failing outside the field of soil mechanics. 

Index Methods 

Group Index .—In the U.S. Highway Engineers’ Group Index 
method an empirical quantity called the Group Index is calculated 
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from the grading and the Atterberg limits of the soil. By means of 
design charts a suitable thickness of pavement can be found for a 
specified class of traffic on a subgrade of any given group index. 

Runway Loading Index. —Since both tyre pressure and wheel load are 
significant they have been combined in a method of classification of 
runways by means of a Runway Loading Index This index is of the 
form where w is taken as the load on the wheel group and p 

is the tyre pressure, and is constant for equal runway strengths. The 
values which have been suggested for m are either 0*56 or 0*50, the 
latter figure being supported by Rodin’s work for the British Overseas 
Airways Corporation using a deflection theory. Either of the resulting 
expressions, or y^wp give a measure of the loading efTect on 

the runway. 

The strength classification of the International Civil Aviation 
Organisation is given in Table 28, in which a column has been added 
showing the basic Runway Loading Index, taken as \/wp. It is clear, 
of course, that adjustments would have to be made to allow the effects 
of various types of undercarriage, and also that w and p may vary 
considerably with loading conditions, temperature, altitude and 
maintenance. The Runway Loading Index is, however, a valuable 
criterion of the runway strength required. 

TABLE 28 

I.C.A.O. Strength Classification 


Class 

Load 
w (lb) 

Tyre Pressure 

P (lb/in.) 

Runway Loading Index 
V wp (lb /in) 

I 

100,000 

120 

3460 

2 

75,000 

100 

2740 

3 

60,000 

100 

2450 

4 

45.000 

100 

2120 

.^) 

30,000 

85 

1600 

6 

15,000 

70 

1030 

7 

1 

5.000 

1 

35 

1 

420 


Shear Strength Methods 

The capability of a subgrade to support the maximum loads trans¬ 
mitted to it by the pavement can be estimated from a knowledge of 
its shearing strength. Subgrades with a high frictional strength seldom 
fail under road or runway loading, but subgrades of cohesive material, 
whose shear strength does not increase with applied load, are likely to 
show progressive plastic deformation under repeated load. This tends 
to induce failure in any pavement not capable of withstanding a 
tensile stress. 
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When an attempt is made to determine the necessary pavement 
thickness from a consideration of the theoretical stresses developed 
within the pavement and subgrade, far-reaching assumptions must be 
made if the problem is to be sufficiently simplified to be amenable to 
an easily applicable solution. The simplifying assumptions are: 

(i) The pavement and subgrade together form an elastic, isotropic 
and homogeneous semi-infinite solid. This is far from being true, but 
is a necessary assumption if Boussinesq’s findings are to be used 
(Art. 9.2). 

(ii) The load on the surface is applied through a circular area, 
although, in fact, tyre contact areas are ellipses or rectangles. 

(iii) The subgrade material is a clay whose cohesive strength remains 
unaltered under varying conditions of loading. 

(iv) There is no seasonal variation in moisture content within the 
subgrade material, and therefore no change in the strength properties. 

(v) The strength of the pavement material is sufficient to resist the 
higher stresses which occur near the surface. 

A method of determining the thickness of pavements on clay 
foundations, based on the above assumptions, has been suggested 
by Glossop and Golder.®® The first step is to decide on the maximum 
value of the wheel load likely to be applied to the road or runway 
and the area of contact between tyre and surface. The maximum 
vertical direct stress is then calculated at various depths below the 
loaded area (assumed circular) by the methods of Chapter 9. The 
shear strength of the subgrade soil at various depths is determined by 
tests. The criterion of failure is assumed to be that plastic yield com¬ 
mences when the maximum direct stress is 71 times the shear strength. 
Hence the minimum depth below the pavement surface at which the 
vertical pressure does not exceed n times the shear strength is the 
required minimum thickness of pavement. 

This method is simple and direct and probably errs by over¬ 
simplifying the problem. On the other hand, it has proved in practice 
to give reliable results for runways over a wide range of wheel loads 
and pavement thicknesses. 

An alternative and perhaps more rational procedure would be to 
determine the distribution of maximum shear stress along the vertical 
line through the centre of the loaded area, and to design the thickness 
of the pavement so that the shear stress in the subgrade nowhere 
exceeds its shear strength. 

The relative stiffness of the pavement compared with that of the 
subgrade is not taken into account in this method. A stiff pavement 
has the effect of spreading the load over an area of subgrade wider 
than that given by the theory assuming a homogeneous medium. This 
effect increases the factor of safety, but to different extents with different 
types of pavement. Thus the superior spreading capabilities of a 
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concrete pavement over a so-called flexible pavement are not given 
any weight in this method. 

If, however, the different properties of its several layers are taken 
into account in estimating the theoretical stresses in a pavement, this 
method of design gives more economical pavement thicknesses, and 
the capacity of stiffer layers to spread the load is shown by rapidly 
decreasing stress with increase in depth. 

Fox, of the Mathematics Division of the National Physical Labora- 
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Fig. 124.—Stresses under Pavement Load. 

tory, has solved this problem for a two-layer system, and, with Acum, 
has extended it to a three-layer system. In Fig. 124 are shown the 
differences between the “Boussinesq case”, when the whole depth of 
pavement and subgrade are considered to be of a homogeneous 
material, and the conditions existing when different layers are accounted 
for. 

A great many variations of loading and construction are, of course, 
possible. The example considered is that of a Class 3 aerodrome where 
the wheel load is likely to be 60,000 lb at 100 Ib/in.® tyre pressure. 
This results in a contact pressure between tyre and surface of somewhat 
more than the tyre pressure (say no lb/in.2) giving a contact area 
(assumed circular) of about 13 in. radius. If this contact pressure 
is applied to the subgrade only (the “Boussinesq case”) the maximum 
stress applied in the soil would be about 33 lb/in.®. It is very unlikely 
that this could be sustained without failure. Curve I shows the distri¬ 
bution of stress to a depth of four feet. 
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If a layer of concrete 13 in. thick is laid on the subgrade, the 
stresses in the soil are shown by curve II. If the subgrade is further 
protected by a base of strength intermediate between the concrete 
and the soil it is clear that the reduction of stress in the soil with depth 
is even more rapid. The properties of the materials were arbitrarily 
assumed. 

This single example shows how much error can be introduced into 
these stress calculations by the assumption of homogeneous conditions 
and the Boussinesq values of stress distribution. Fully calculated values 
of stress for the two-layer and three-layer systems are given by Fox 
and Acum.®*» 


California Bearing Ratio Method 

The California Bearing Ratio is a property of the subgrade material 
which is measured by an empirical test devised by the California State 
Highways Department. The test is made on a saturated sample in a 
standard loading device which measures the load required to cause 
o* I in. penetration of a plunger of 3 in. * area. The load is expressed 
as a percentage of the load required (3000 lb load or 1000 lb/in.* 
pressure) to cause the same penetration in a standard compacted 
crushed stone sample. This percentage is the California Bearing Ratio 
(CBR). The load to cause o* 2 in. penetration expressed as a percentage 
of the corresponding load, 4500 lb, required for the same penetration 
in the standard material is also determined. If the value for 0-2 in. 
penetration exceeds that for o*i in. the higher value is taken as the 
CBR. 

The optimum moisture content of the material is first determined. 
A sample 5 in. deep is then prepared at this moisture content and is 
compacted in a 6-in. diameter mould using a lo-lb rammer dropped 
through 18 in. The compaction is carried out in five equal layers 
at fifty-five blows per layer. In America it is common practice to 
immerse the sample completely in water for several days until expan¬ 
sion ceases. During this immersion the surface is covered by a per¬ 
forated plate loaded with weights to represent the estimated weight 
of the pavement. The sample is weighed to determine the weight of 
water absorbed. The purpose of the soaking of the specimen is to simu¬ 
late the rising of the water table to the surface. For roads and runways 
which have an impervious surface and adequate drainage on the edges 
it is considered by many that the soaking process is too severe and results 
in an unnecessarily conservative design. For this reason the soaking 
procedure is often omitted. 

In the test®* the standard plunger is made to penetrate the surface 
at the rate of approximately 0*05 in. per minute until the required 
penetration is reached. The surface of the soil around the plunger is 
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loaded with surcharge weights. Plotting the loads on the plunger as 
ordinates and the penetrations as abscissae, it is usually found that 
the curve of load /penetration is concave towards the penetration axis, 
i.e., concave downwards. If the beginning of the curve is concave 
upwards, the origin of the graph cannot be taken as the true origin for 
the determination of the CBR. It is usual to project the steepest part 
of the curve backwards to meet the horizontal (penetration) axis and 
to use this intersection as the corrected position of the origin. 

The test, although quite empirical, gives a comparative measure of 
the bearing capacity of the subgrade. Being an empirical property 
depending partly on the shear strength and partly on the stress /strain 
relation, the California Bearing Ratio must necessarily be applied 
empirically. By comparison of the CBR of many sub-grades underlying 
pavements of different thicknesses, the California Division of High¬ 
ways developed curves which show in graphical form the result of 
experience in road design. For each value of CBR combined thick¬ 
nesses of surface and base have been recorded as suitable for the loads 
likely to be encountered in road and runway construction. Fig. 125 
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shows the relationship between bearing ratio of subgrade, wheel 
loading and thickness of protecting pavement. 

Tests on a given soil at different moisture contents, using the same 
method of compaction, show that, for moisture contents above the 
optimum, the CBR falls off rapidly as the moisture content increases. 
Ideally, the CBR value used in design should be that corresponding to 
the expected condition of the subgrade soil under the pavement when 
moisture equilibrium has been reached. The prediction of this condition 
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requires considerable experience and knowledge of drainage and 
climatic conditions. 

The GBR test is sometimes carried out in situ^ but it is doubtful 
whether the results are really comparable with those obtained from the 
laboratory test in which the soil is confined in a rigid mould. 

The same method can also be used to design the thicknesses of 
various layers of the pavement. The materials selected for use are 
compacted in the laboratory to the same state of compaction which it 
is reasonable to expect in the field, and their bearing ratios deter¬ 
mined. As has been pointed out earlier in this chapter, each layer 
must be sufficiently resistant to sustain the stress imposed from above 
and must be thick enough to spread the load to a value within the 
capacity of the layer below. 

Example ,—The materials described below are available for a road 
carrying a heavy traffic load. Determine the thicknesses of the base 
layers, assuming a wheel load of 12,000 lb. 

Pressure causing 
Material o*i in. Penetration 

{Iblin.^) 

Compacted subgrade 95 

Base material (i) 250 

Base material (2) 700 

Since the standard pressure for a penetration of 0*1 in. is 1,000 lb/in.*, 
the bearing ratio is one-tenth of the pressure required for o*i in. 
penetration. 

Base material (2), being the strongest, must lie directly under the 
surfacing, and Fig. 125 shows that a 3-in.-thick surface will be adequate. 
The junction of the ordinate registering twenty-five per cent GBR and 
the 12,000-lb line gives a thickness of 7 in., which will be made up of 
3 in. of surfacing and 4 in. of material (2). At nine and a half per cent 
GBR the subgrade requires an overlying thickness of 12 in., which is 
made up of 3 in. of surfacing, 4 in. of material (2) and 5 in. of 
material (i). 

Westergaard’s Theory 

The use of the Galifornia Bearing Ratio method is applicable to the 
design of road and runway pavements when the pavement cannot 
support a tensile stress or where such stress is not taken into account 
in determining the required thickness. When, however, a tensile pave¬ 
ment is in question, failure to include an allowance for the slab action 
of the pavement results in an uneconomic thickness. 

The design of tensile pavements such as concrete slabs is best 
accomplished by Westergaard’s theory, by which the stresses in the 
slab for a wheel load at the interior, at the edge and at a corner of 


CBR 
[per cent) 

9*5 

25 

70 
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the slab are evaluated. The magnitudes of the stresses developed 
depend on the type of subgrade on which the slab rests, and this 
variable is accounted for in Westergaard’s analyses by the modulus of 
subgrade reaction, which represents the resistance of the subgrade to 
displacement under load. 

The Modulus of Subgrade Reaction is defined as the resistance of the 
soil per unit area to unit displacement under load. It is obtained by 
loading a 30-in.-diameter plate placed on the surface of the soil. The 
load is applied by hydraulic jacks and the intensity of stress is plotted 
against vertical deformation. 

For the first loading of the soil there is a nearly linear relationship 
between these two quantities. It is usual to eliminate the effect of any 
slight curvature of the stress-deformation line by joining the origin to 
the point representing 0 05 in. vertical deformation. The slope of this 
straight line represents the modulus of subgrade reaction, which is 
measured in lb/in.’* or Ib/in.^ stress per inch deformation. 

The use of the modulus of subgrade reaction for estimating the 
supporting capacity of a subgrade differs from the CBR method in 
that the loading test is carried out in situ on a mass of soil of indefinite 
extent, whereas the CBR is obtained from tests on small specimens. 

The value obtained from the loading test depends on the conditions 
under which the test is made. The size of the plate has a specially 
important effect on the result, and in any statement concerning the 
value of the modulus the size of the plate must be indicated. At 
the Road Research Laboratory an i8-in.-diameter plate is used for 
roadwork, the 30-in. plate being reserved for tests on airfield subgrades. 

Moduli of subgrade reaction measured at airfields in Britain have 
been shown to vary from 140 lb/in.® for silty material to 2,200 lb/in.® 
for gravel. 

Westergaard has evolved solutions both for normal roadway load¬ 
ing and for the loads imposed by modern aircraft. Ascertainable 
quantities such as the total wheel load, the tyre pressure and the 
modulus of subgrade reaction are used to achieve a comparison 
between the stresses likely to be developed in the slab and the allow¬ 
able stress in the concrete. 

The design of concrete slabs falls outside the scope of this book, and 
the reader is referred to Road Research Technical Paper No. 20.®® 

Summary 

The factors influencing the strength of a runway are numerous; no 
single method of design takes direct account of them all. In any 
method over-simplification, or concentration on one part of the 
system (subgrade or pavement) to the exclusion of the rest, leads to 
the omission of some of the important factors from consideration. 
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The factor most commonly used as a guide to the thickness of the 
pavement is the bearing capacity of the subgrade which is assessed by 
measuring either the shear strength or the CBR. The CBR 
method is the only one to provide directly for the possible softening of 
the subgrade. Some authorities consider that the soaking of the GBR 
test specimen before test to simulate the rising of the water table to 
the surface is too severe and results in an unnecessarily conservative 
design. The GBR method includes allowance for repeated loading— 
an important recommendation— but none of the other methods 
discussed makes direct mention of this factor. Tyre pressure is accounted 
for directly by the shear strength method, but only indirectly by the 
GBR. 

The simple shear strength method, logical and neat as it may 
appear to be, takes no note of the frequency of loading, the elasticity 
of the subgrade or the stiffness of the surfacing and its ability to spread 
the load over a wide area. The latter is, however, accounted for if 
the recent two- and three-layer analysis is used. 

Westergaard’s method deals only with the concrete slab, but the 
elasticity of the subgrade is allowed for. Although the concrete slab 
may be properly stressed, there is no guarantee that the subgrade will 
not be overstressed. It has been found by experience that uniformity of 
the bearing capacity under the slab is of particular importance. 

The Index methods ignore one side of the problem—the index 
either refers to the loading or to the subgrade but not to both. The 
link between aircraft loading and runway strength must still be em¬ 
pirical and depend on the teachings of experience. 

An essential requirement of a subgrade is that the deformations 
produced by loads shall not be sufficient to cause damage to the pave¬ 
ment courses. For this reason methods of pavement design have 
been suggested in which the relevant soil property is the modulus of 
elasticity or average stress /strain ratio over a specified range of stress. 
The link between this property and the pavement thickness is necessarily 
empirical, and so far there is httle data available from observations in 
the field to bridge the gap. 
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dotation 

jtf yy z rectangular co-ordinates 

V velocity 

k coefficient of permeability 

<f> potential 

q quantity flowing per unit time 

/ time interval 

A, H loss of head 

he excess hydrostatic head 

/ length of seepage path 

1 slope of hydraulic gradient 

F residual in relaxation method 

a side of relaxation net 

A area through which seepage takes place 
M, N number of “units” in a flow net 

y bulk density of soil 

density of water 
P, seepage force 


The importance of the moisture content of any soil used for engin¬ 
eering purposes has been emphasised in several of the preceding 
chapters. In general, the more desirable properties of a soil are 
mobilised and improved by a reduction in the moisture content. 
Conversely, an increase in moisture content is generally accompanied 
by deterioration of strength and bearing capacity, especially in 
cohesive soil. 

More important, however, than its absolute value is the possible 
variation in moisture content. Such variation may be seasonal or 
caused occasionally by abnormal conditions, but whatever its cause 
and whatever its magnitude it is an unwelcome occurrence. Soil 
structures such as embankments, cuttings and foundations are designed 
for soil in a specified condition, and any change from that condition 
musi be prevented or minimised. 

The methods of soil stabilisation discussed in Chapter 12 are all 
directed either to the production of a soil resistant to the percolation 
of water or to the building up of such a high frictional resistance that 
small changes in moisture content are not significant. When using both 
these types of stabilised soil, and more especially when using untreated 
soil, the engineer must ensure that the possible fluctuation in moisture 
content is reduced to a minimum. The water which is liable to per- 
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colate the soil and cause deleterious changes in its properties must 
either be prevented from reaching the area of soil in question or must 
be rapidly removed. 

13.1 GEOLOGICAL ASPECT OF DRAINAGE PROBLEMS 

The function of drainage systems is to deal with water reaching the 
soil both from the surface and from underground. Examples of natural 
drainage systems are to be found in upper reaches of streams and 
rivers, which flow according to the geographical and geological con¬ 
ditions of the area. It is important, then, to study the conditions 
governing flow of water, and in particular the flow of water 
underground. 

The Water Table 

As mentioned in Chapter 4, gravitational water occurs at some 
depth below ground level. The upper surface of this zone of saturation 
is known as the water table. Above this zone is the capillary fringe, in 
which water is held in place by capillary forces. The depth of this 
zone depends mainly on the particle-size of the soil concerned: the 
larger the particle-size the less the capillary fringe. 

Underground water moves as directed by gravitational force, but 
the movement is slow and restrained by the resistance offered to flow 
by the soil through which the water moves. Because of this resistance 
the water table is not level, as is a free water surface, but is curved, 
the amount of curvature depending on the rate of percolation through 
the soil. Percolation occurs according to Darcy’s Law, which is dis¬ 
cussed on pp. 70 and 267, but exact calculations of rates of percola¬ 
tion are not usually possible in naturally occurring soils. 

The water table normally shows large seasonal fluctuations in level, 
being in Britain much higher in the winter than in the summer. It 
may be said to follow the general slope of the land surface, but at a 
smaller inclination. 

The Effects of Varying Underground Strata 

Although water can percolate to some extent through any soils 
except dense and homogeneous clays, its rate of flow in porous non- 
cohesive soils is markedly different from that in cohesive materials. 
Strata can without much error be described as pervious and impervious, 
although “more pervious” and “less pervious” would be more exact 
definitions. Using the vivid, if inexact, terms pervious and impervious, 
it is possible to elucidate the behaviour of ground water for simple 
regimes of flow. 

In Fig. I 26 a it is shown how a depth of saturated soil is built up in 
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pervious material overlying an impervious stratum. The natural flow 
of the water under the hydraulic gradient, indicated by the curve of 



the water table, results in the appearance of springs at the junction 
of the two strata. Fig. i26b shows how the flow through a pervious 
stratum may be opposed by an impervious stratum moved out of 
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position by a fault. The head of water developed in the pervious 
material may be sufficient to cause springs to appear on the line of 
the fault. Marshy places and streams are formed by the water table 
coming to the surface (Fig. 1260). 

Before an adequate and economical solution can be found to any 
drainage problem the geology of the area must be well understood, 
and the drawing of sections and soil profiles gives a clear visual 
interpretation of the situation to be studied. 

13.2 SEEPAGE OF WATER THROUGH SOIL 

The natural drainage properties of soils have an important bearing 
on the design of reservoirs and canals. For example, unless the founda¬ 
tion of a dam is carried down to impervious rock a steady flow is set 
up under the structure by the difference in head. Apart from loss due 
to leakage caused in this way, a dangerous quicksand condition may 
be set up resulting in internal erosion and piping. Similar problems 
arise in other water-retaining structures, and it is important to study 
in detail the natural flow of water through soil. 

The Flow of Moisture through Earth Masses 

All methods of estimating seepage are based on Darcy’s Law, v=ki. 
Consider an elementary block of soil (Fig. 127) of width dXy height dz 
and of unit thickness (per¬ 
pendicular to the plane of 
dx and dz)- Let the velocity 
of flow be in the plane of 
the X- and ^-axes, and let 
the components of velocity 
at entry to the element be 

and The velocities at 
exit from the element will 
therefore be 

+ and + 
dx cz 

respectively. 

Since the quantity en¬ 
tering the element is equal 
to the quantity leaving, 

vjbz •\’V^dx=^v^z -h -^dxdz -^v^dx -h ^^Z'bx 

8 v , , 80* 
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Fig. 127.—Seepage through Element 
OF Soil. 
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Therefore 
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But by Darcy’s Law 


r. = -Ag^ and 


Putting kh==(l), a quantity which may be termed the potential, we get 


Therefore 


86 ^ 86 

and 

cx cx 


8 % 8 % 

dx* 


This is a two-dimensional case of the well-known Laplace equation. 

The equation is of the same form as that for the flow of an electric 
current through a conducting sheet of uniform thickness. In both these 
problems the solution to the equation is represented by two sets of 
orthogonal lines, one set being equipotential lines and the other flow 
lines. 

There is another very useful analogy based on the theory of elasticity. 
It can be shown that lines of principal stress, that is lines which at 
any point are tangent to the direction of the principal stresses at that 
point, satisfy Laplace’s equation. 

As in the analogous problems of electrical conductivity and stress 
distribution, the solution depends on boundary conditions. In the 
seepage problem any impermeable surface (e.g., face of sheet piling, 
side or base of dam, surface of rock foundations) must be a flow 
line. A free entrance or exit surface, if horizontal, is an equipotential 
line. The junction of the soil under consideration with a very much 
more permeable stratum may be regarded as a surface of free entry 
or exit. 

There are thus several methods by which a flow net, that is the 
equipotential and flow lines for seepage through an earth mass, can 
be constructed. These methods include: 

(i) principal stress analogy, in which the curves are obtained 
analytically or by means of photo-elastic observations on 
models; 

(ii) electrical analogy, using electrical models; 

(iii) graphical and computation processes. 


The Study of Seepage by Flow Nets 

Of the three methods mentioned in the previous section, the first is 
of interest but not of great importance as a practical method of solving 
seepage problems. The second^® requires the construction of somewhat 
complex apparatus, a labour which is hardly justified unless many 



SEEPAGE OF WATER THROUGH SOIL 


269 


problems require solution. We are thus left with the third approach 
to seepage—the graphical methods grouped under the title of Flow 
Nets, 

A flow net is a pictorial representation of the paths taken by water 
in passing through a pervious material. Along each of the paths 
sketched there is a continuous loss of head corresponding to the drop 
in potential required to sustain flow. After the flow lines are drawn, 
points of equal potential on adjacent flow lines can be joined to form 



Fig. 128.—Flow and EquiPOTENTiAL Lines. 

equip^otential lines, which, since flow is in the direction of the steepest 
hydraulic gradient, intersect the flow lines at right angles. 

There are, clearly, an infinite number of possible lines of flow, and 
only those are sketched which show most effectively the directions of 
travel of the percolating water. It is simple and convenient to draw 
those flow and equipotential lines which form approximate “squares” 
—figures having all four curved sides approximately equal, and inter¬ 
secting each other at right angles. 

When these squares are drawn they provide a graphic representation 
of the general conditions of flow. From the flow net it is also possible 
to obtain quantitative data relevant to the flow problem concerned. 
For example, since successive equipotential lines represent equal 
drops in head, the closer the lines are together, the greater the hy¬ 
draulic gradient causing flow. In Fig. 128 several such characteristics 
of flow nets are exemplified. The diagram shows part of a net represent- 
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ing flow instituted by the head H between the level of the water table 
marked WT and the line of zero head. Other boundary conditions 
(not shown) control the extent and shape of the net. 

If piezometric tubes are inserted into the soil at A and B, two points 
on one of the equipotential lines, the water rises in these tubes to such 
a level that there is an equal excess hydrostatic head h, at both A and 
B, This represents the head which is causing flow along the flow lines 
intersecting the equipotential line AB, It is clear from Fig. 128 that 
the pressures in the soil at A and B are unequal although these points 
are on the same equipotential line. The pore-water pressure at A is 


iVatT /avel 



Fig. 129.—Flow Net under Dam. 

represented by the head AC^ and that at B by BD, The difference is 
due to the difference in position head of A and B, 

The loss of head which is represented by the difference of level 
between WT and CD has been transferred (as a pressure) to the particles 
in the mass of soil through which the flow has taken place. The pressure 
at any point within the soil due to this “drag” is called the seepage 
pressure. 

The determination of the seepage pressure at a point in a soil mass 
is as follows. Referring to Fig. 129, the total head to be dissipated is 
H feet. At the point X the excess hydrostatic head is represented by 
the number of squares between X and the tailwater, namely, 15. 

The excess hydrostatic pressure at X is therefore there being 

19 squares along one of the flow channels in the net. Similarly at the 

point T the pressure is 

If the flow is considered to take place through a cube of soil of side 
XZ the total force transferred between X and Y to the sand grains is 
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Since XT~XZ this equation can be written : 

Now H/igXT is the loss of head from X to T divided by the length of 
the flow path between them. Therefore, 

Seepage force per unit volume 
where i is the hydraulic gradient. 

This quantity has the same units as a density, and represents a 
body force acting on all particles of the mass in the same way as a 
gravitational force. 

If the seepage force acts in the same direction as gravity (i.e., when 
the flow is vertically downwards) it increases the intergranular pressure 
and therefore the shearing resistance of the soil. The seepage force 
always acts parallel to the adjacent flow lines, and in the block XT 
is an almost horizontal “drag” on the particles. 

Sketching of Flow Nets 

Although flow nets can be drawn accurately after an analysis by 
the Relaxation method, as is shown below, they are produced most 
quickly and easily by sketching. A trial flow line is drawn from the 
face at which the water enters the soil to that at which it leaves. A 
flow net built up on this preliminary line must conform with the boun¬ 
dary conditions. The base of a dam such as that in Fig. 129 is a flow 
line, as also is the horizontal impervious layer shown below the dam. 
The horizontal surface of the soil around the dam, however, repre¬ 
sents equipotential lines upstream and downstream. The first trial net 
usually has to be adjusted considerably to meet these boundary con¬ 
ditions. The net must also fulfil the general condition that the flow 
and equipotential lines meet at right angles and form equal-sided 
figures, or figures whose continued subdivision results in “squares.” 
Only by personal practice can the student learn to sketch flow nets 
quickly and easily. 

Flow Nets by Relaxation Method 

The method of the “systematic relaxation of constraints” developed 
by Southwell** can be used in the solution of the flow equation 

dx* h* 

If the cross-section of the soil stratum through which flow occurs is 
covered with a square grid, the variation of between the nodes of 
this grid can be studied in finite difference form. 
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The potential as is shown earlier in this section, is equal to kh. In 
Fig. 130 this potential (which is the cause of flow through the soil) 
varies through the soil from point 3 to point i in the ;i:-direction, and we 
assume this variation to be at a uniform rate over the short distance 
concerned. Between 3 and o the rate of change of cj) with distance (in 
the A;-direction) is d(l)/dx which is equal to the difference between </>o and 
divided by the distance between o and 3. 

Therefore, 

OX a 

Similarly, between i and o. 

ox a 

To study the equation of flow 

_ 

dx'^ dz^ ^ 

it is necessary to find the value of the second differential coefficients 
of <l> with respect to x and z- This is merely the rate of change of (f) 
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Fig. 130.—Relaxation Grid. 

divided by the elemental distance over which the rate of change 
operates. 

Therefore, adding the effects from both the lengths i-o and 0-3 
to find values over the two bays of the net, we have 

Similarly in the ^ direction 
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The Laplace equation, which gives a measure of the variation of 
kh through the soil, can thus be written 

and this relationship holds for every node in the grid. 

The first step in solving these equations by the relaxation method 
is to assume for each node in the grid some value of <^. The work is 
considerably shortened if these trial values are close to the final values, 
and it is thus an advantage to sketch a trial flow net before allocating 
values of </> at the nodes. The trial values of are not likely to be 
correct, and the amount by which they fail to satisfy the equation is 
known as the residual^ F. The equation reads 

</> 1-f 0 2 "l“<^ 8-f ^4 ~4^0= 

The object of the relaxation operations is simultaneously to reduce 
the residual at each node to some very small value. The final 
values of cf) then give (within the limits of uncertainty of the 
given data) a true picture of the variation in head through the 
mass of soil. 

The reduction in the residuals at each node is accomplished by 
altering the value of at that node. From the equation it can be 
seen that Fq changes by four times any change made in c^o and that 
the alteration is in the opposite sense to the alterations in In com¬ 
putation Fo is first altered by some figure which is a multiple of four, 
and is then changed in the opposite sense by one-quarter of the 
change in F^. By repeating this operation as often as required the 
various residuals can be reduced to negligible proportions. The work 
can be shortened by using block relaxation. This technique is described 
in papers on relaxation methods. 

The nodes, however, are interconnected, and any alteration at one 
node has an effect on the residuals at the adjacent intersections. When 
an alteration is made to <^o residuals at the four adjacent nodes 
alter by the same amount, because (^o appears in the equations 
defining the residuals at nodes i, 2, 3 and 4. The work is done 
in four parts: 

(i) Define the boundary conditions of pressure and give tentative 
values to (j) for each node of the chosen grid. 

(ii) Determine the residuals at each node in the manner indicated 
by the finite difference form of the equation. 

(iii) Successively reduce the residuals to some small value, altering 
the value of <f> to correspond. 

(iv) Immediately after reducing F^ and altering <f>o alter the 
residuals of adjacent nodes (Fj, F,, F„ F4) by the change 
in <^o* 

18 
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The final values of <f> indicate the directions of the equipotential 
lines, and the flow lines can be drawn normal to the equipotential 
lines. Fig. 131 shows the flow net obtained for flow to a porous pipe 
under constant head at a level surface. The units are arbitrary, and 
the values of (/> are shown at each node. The figures below the nodes, 
carrying plus or minus signs, are the residuals. 



Use of Flow Nets 

If the permeability of the soil is known, we can estimate the approxi¬ 
mate seepage. If the flow net is fairly accurately plotted, it can be 
assumed that when traversing any flow line the pressure drop between 
consecutive equipotential lines is the same. Assume that the “squares” 


Fig. 131.—Example of Flow Net by Relaxation Methods. 
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represent one unit. Suppose that the path of the water seeping from 
one surface to the other consists of JV* units and the width of the zone 
of flow is M units (in Fig. 129 Af=5 and jV—19). If h is the total 
difference of head, the hydraulic gradient is hfN. The flow is therefore 

q=Aki=:kh^ 


Seepage through Dams 

One of the most important applications of the use of flow nets is in 
assessing the loss of water by seepage through dams, and the stability of 
both upstream and downstream slopes. Even when the dam is provided 
with an impervious core, and zero percolation can be assumed through 
the volume of the dam itself, the stability of the upstream face when 
there is a sudden drawdown of the water in the reservoir requires the 
use of a flow net for adequate interpretation. 

There are two critical cases for a homogeneous dam, eliminating 
from consideration the small effect of surface water such as rain. For 
the downstream slope the critical condition occurs when the reservoir 
is full and percolation is at its maximum rate. For the upstream slope 
this does not represent a critical state, for the seepage pressure then 
acts inwards from this slope and tends to increase the stability on the 
upstream side. For the upstream slope the critical condition is, rather, 
when the reservoir has been emptied rapidly, and when seepage is 
from the interior of the dam outwards, so tending to decrease the 
stability. 

For the homogeneous dam shown in Fig. 132 the permeability is 
assumed to be uniform. The flow net for the full condition must not 
intersect the downstream face if full safety is to be preserved: any 
percolation should take place completely within the dam itself. To 
achieve this end, the engineer may place a filter at or under the toe 
of the dam to allow of an easy downward passage of the water, and so 
deflect the flow lines in the desired direction. 

In the example illustrated in Fig. 132A the permeability is 5X 10"* 
cm/sec. There are five flow channels and fifteen drops of potential. The 
flow through the dam per foot run of its length is, therefore. 


q—kh 


M 

N 


=5X io“*xo*033X45X^=2*5X 10"* cusecs or 134 gals/day. 

^5 

Fig. 132B shows how, when the dam is quickly emptied, the water in 
the saturated material drains out either to the filter toe on the down- 
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Stream side, or downwards within the upstream slope. This downward 
drainage within the slope calls into play a seepage pressure which acts 
in the direction of the arrows and assists the weight of the soil to cause 
a slip-circle failure. Or, by another interpretation, the neutral or 





Fig. 132.—Flow Nets through Dam. 


pore-water pressure on a likely slip surface reduces the effective or 
intergranular pressure, and thus decreases the shearing resistance of 
the slip surface. 

If SC is a trial slip circle, the variation in pore-water pressure along 
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its length is obtained by measuring, at each of its intersections with an 
equipotential line, the vertical height from that intersection to the 
level at which the equipotential line cuts the surface of the slope 
(Fig. 132B). 

The reason for this is shown in the enlarged sketch of the equi¬ 
potential line EP (Fig. 132c). Taking the impervious base as datum, 
the head at P is represented by its height above the datum. At E the 
head is represented by the pore-water pressure corresponding to the 
vertical height between E and P. At intermediate points on EP the 
potential is made up partly of position head and partly of pressure head, 
but the total head available is always equal to the vertical distance 
between E and P. 

The height of the water column in a piezometric tube represents the 
pore-water pressure, which gradually decreases as P is approached. 
If X is the intersection of the equipotential line and the slip circle a 
piezometric tube at that intersection gives the vertical height XH as 
the pore-water pressure. This acts equally in all directions and is 
thus of the same value in a direction normal to the slip surface. 

Hence at each junction of the slip circle with an equipotential line it 
is possible to read off, by a simple measurement on the flow-net 
diagram, the value of the pore-water pressure. The total pressure 
normal to the slip circle is the normal component of the weight of 
saturated soil lying above that section. From this total weight the 
pore-water pressure must be subtracted in order to give the true 
normal intergranular pressure. From this stage, the procedure in 
estimating the risk of sliding after a sudden drawdown follows the 
methods outlined in Chapter 8. 

Variation of Permeability with Depth 

Frequently the soil mass through which seepage takes place consists 
of several strata with different coefficients of permeability. Even when 
the soil is of fairly uniform composition the permeability tends to 
decrease with the depth owing to greater compaction. In many natural 
soil deposits the permeability in the horizontal direction is several 
times that in the vertical direction. An earth mass which does not 
conduct moisture equally well in all directions is known as alotropic or 
anisotropic. 

When the permeability varies with depth a convenient approxima¬ 
tion is to find an average coefficient of permeability for horizontal 
flow and another average value for vertical flow. These coefficients, 
though differing from one another, are assumed to be constant through¬ 
out the depth of the soil mass under consideration. The average 
coefficients are found as follows: 

Let k be the coefficient of permeability in the horizontal direction 
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at any depth z (Fig. 133). The flow in a horizontal direction through 
an element of unit width and thickness is given by 

dq—kidz 


where i is the hydraulic gradient. Then the total flow through a 
section of unit width and depth ^ is 



Fig. 133.—Vari¬ 
able Permeabil¬ 
ity. 


kdz 


a=.y^=i| 

I 

Therefore kdz—niea,n ordinate of k/z curve. 


Considering vertical flow, let H be the head lost 
over a depth and let dh be the head lost in passing 
through an element of thickness dzy and the perme¬ 
ability in the vertical direction is k. 


Then v—k^=^k^^ 

Z Oz 

and dh _ Hdz 

kr zk 


Integrating between limits o and H and o and Zi 


H^HC^dz 
K z]o~k~ 


Hence -y — i X area of curve ^ plotted against z, or reciprocal of 

kz Z k 

mean value of In anisotropic soil this curve must be plotted from the 
K 

values of the vertical permeability at various depths. 


Construction of Flow Nets for Anisotropic Soil 


For this condition an adaptation of the graphical method for con¬ 
structing flow nets has been devised by the Swedish engineer Samsioe. 
It is assumed that the permeability has different values k^ and k^ in 
the horizontal and vertical directions respectively, but that k^ and k^ 
are themselves constant with depth. When the permeability varies 
with depth the values used should be the average horizontal and 
vertical coefficients, k^ and k^, determined as shown in the preceding 
se ction. 

The drawing is made to a distorted scale (Fig. 134A), the hori¬ 


zontal dimensions being reduced by the factor 



in relation to the 


vertical dimensions. For example, if k^—djz^ the horizontal scale of the 
drawing is made one-half the vertical scale. The flow net is then drawn 
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in the usual way and is correct for soil with a permeability iri 

both horizontal and vertical directions.® The rate of flow obtained 
from this diagram is the true rate for the original construction. 

Scol^ 





Dl star red Sca/e Natural Scale 


(c) id) 

Fig. 134.—Flow Net for Anisotropic Soil. 

A drawing of the flow net to a natural scale is shown in Fig. 134B, 
in which the vertical scale is unaltered, but the horizontal lengths arc 
increased to their original value. The flow net so altered represents the 
actual equipotential and flow lines for the anisotropic soil, but the 
two sets of lines no longer intersect at right angles. 

The validity of this construction can be shown thus. Fig, 134c shows 
an element from the distorted diagram, of side b and of unit thickness. 
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If the drop in head through the element in the horizontal direction is 
Ah I and that in the vertical direction is Ah^^ the flow through the 
element is given by 

=k{Ah-^-j-Ah2) 

On the natural scale diagram the element takes the form shown in 
Fig. 134D. The flow is now 

LJ 

~‘\/kJi^{^Ah-^ -\-Aht^ 

But qi=q<i’i therefore k=\/kji;^. 

Piping and Internal Erosion 

Piping is the term applied to an unstable condition which sometimes 
arises when water seeps through a soil mass. As the water flows in the 
manner depicted by the flow net it experiences a gradual drop in head 
as shown by the spacing of the equipotential lines. This drop in head is 
accompanied by a seepage force which represents the transfer to the 
soil particles of the head lost as the water passes through the soil. If 
this seepage force acts in the direction of gravity it increases the appar¬ 
ent weight of the soil particles and makes them bed more closely 
together. If it acts upwards against gravity, it decreases the weight of 
the particles, and the shearing strength and stability of the soil. When 
the upward drag on the particles becomes equal to their submerged 
weight, the particles can offer no frictional resistance and can be 
considered to be afloat. The sand and water under these circumstances 
act together as a liquid. The water carries with it the material of the 
foundation, a hollow “pipe” being formed through which internal 
erosion takes place. Piping of this kind leads ultimately to complete 
failure of the foundation. This is another example of the “quicksand” 
condition discussed in Chapter 4. 

It has been shown above that the seepage force on the particles is 
equal to the hydraulic gradient multiplied by the unit weight of water. 
The danger of piping occurs when the hydraulic gradient is high, that 
is when there is a rapid loss of head over a short distance. Such a 
condition is shown in the flow net by a close network of squares. If, 
therefore, in the flow net an area of small squares is observed in a 
region of upward flow, conditions there should be examined. 

In Fig. 135, for example, in the region of the point P the flow is 
upwards, and there is a rapid loss of head towards the surface. 
Terzaghi and Peck^ have shown that in such a condition the piping is 
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liable to take place within a width in front of the sheet piles of about 
half the depth of penetration. In the example the mass of soil is a 
prism 30 ft deep X 15 ft wide X i ft thick. The seepage force on this 
mass of soil corresponds with the total loss of head from the base of 
the prism to the surface, since, at the surface of the soil towards which 
the water is flowing, the head is zero. 

The pressure over the base of this prism is found by observing where 



Ci) 

Fig. 135. —Conditions for Piping. 

the equipotential lines cut the base. From the toe of the pile to the sand 
surface TW there are 11 drops of head out of the 22 which represent 
the total head lost, and at the right hand edge of the prism there are 
5 J drops of head. Fig. 135B shows how the pressure varies across the 
bottom of the prism. The mean pressure is represented by about 7 
drops of head or 

~ X 3 Q ft=i2*4 ft of head. 

22 ^ 
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The seepage force can be found in two ways. It has been shown 
(p. 271) that the seepage force per unit volume is equal to the hydrau¬ 
lic gradient multiplied by the density of water, that is, iy^ lb/ft®. The 
head of 12-4 ft is lost in the passage of the water from the level of the 
point of the pile to the surface (30 ft), and the mean hydraulic gradient 
is thus 


The seepage force per unit volume is, therefore, 

o*4I4x 62‘4 lb/ft® 

and, since the volume of soil concerned is 

30x15x1=450 ft® 

the total seepage force is 

o*4I4x62*4X450=ii,6oo lb. 

Another way of looking at this problem is to refer the seepage 
pressure to its original cause—loss of head. The head at P=i2*4 ft 
of water 

= 12*4x62*4 lb/ft® pressure. 

This represents a total upward excess hydrostatic force, over the 15 ft* 
concerned, of 

i 2*4X62*4X 15=11,600 lb. 

The same result is thus obtained as when considering seepage pressure 
on the soil, for the loss of hydrostatic head is transferred to the soil as 
a “drag.” 

The submerged weight of the soil (whose bulk density is 112 lb/ft®) is 
112—62*4 lb/ft®, and the total weight is, therefore, 

(i 12 -62*4) 30X 15=22,300 lb. 

The factor of safety against piping is represented by the weight of the 
soil divided by the seepage force 


22,300 

11,600 


= 1-93 


In designing cofferdams or other structures likely to be affected by 
seepage the stability of the soil against piping should be carefully 
checked. If the preliminary design does not show an adequate factor 
of safety against this type of failure, suitable modifications should be 
made, usually taking the form of lengthening the path of percolation. 
In a cofferdam this can be effected by increasing the depth. A 




the lowering of the water table 


283 


remedial measure sometimes adopted when piping does occur is to 
apply a surcharge load on the downstream side extending for a width 
dl2 from the face, d being the depth of the cofferdam below down¬ 
stream ground level. Care must be taken to provide a filter of per¬ 
meable material so that the hydraulic gradient is unaltered. In the 
above worked example, if it is desired to raise the factor of safety to, say, 
2*2, the downward weight of soil and filter must be 2*2X11,600= 
25,500 lb. The extra load required in the form of a permeable filter is 

25j5<^o- 22,300=3,200 lb 

or 213 lb/ft® over the 15 ft® which represents the area likely to suffer 
from piping. The length of the seepage path under a dam can be 
lengthened by p rov iding a sheet-piling cu t- off under the bas^ another 
meth od is to construct an impervious apron for a short, jl istance up - 
stre^ from t^ e hasp. 


13.3 THE LOWERING OF THE WATER TABLE 

For many civil engineering works it is essential that the level of the 
water table should be lowered from its natural position. Such lowering 
may be temporary to allow of the excavation of a deep foundation, or 
it may be a permanent requirement in order to maintain a constant 
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Fig. 136. —Lowering of Water Table by Open-jointed Tile Drains. 


moisture content in, for example, a road foundation. The method to 
be adopted depends both on the geology of the area and on the 
purpose for which the lowering of the water table is required. The 
maps and memoirs of H.M. Geological Survey should first be studied 
in the light of the indications given on p. 294. The most suitable ©f 
the following methods should then be adopted. 


Agricultural Drains*® 

This is the oldest method of lowering the water table and depends 
for its success on providing easier channels of flow than are afforded 
by the interstices of the soil itself. Fig. 136 shows how the water table 
is gradually lowered by open-jointed tile drains because of the rapid 
discharge channels which they provide. In the figure the original 
water table is shown horizontal. It is curved in a direction at right 
angles to the paper—the direction along which natural flow takes 
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place. The final water table is curved in both directions. The lateral 
hydraulic gradient between drains should be greater than the gradient 
down the slope, in order that flow will be towards the drains. On a 
steep slope there may be a danger of the flow going down the slope 
between the drains if the drains lie on the line of the steepest gradient. 
It may then be advisable to lay the drains across the slope. Fig. 137 
shows several systems of agricultural drains. 

Open Drains or Ditches 

The arterial lines of any drainage layout must finally be provided 
by the natural drainage system of the district, as represented by the 
streams and rivers, or by storm-water sewers which follow the lines of 



Fig. 137.—Systems of Agricultural Drains. 


the natural streams. The sub-arterial network may be piped or may 
appear as open ditches. The open drain or ditch is an old-established 
method of collecting the lateral flow from agricultural land or from 
road-bed foundations. Ditches must be of a stable cross-section, prefer¬ 
ably with sides sloping at 2 : i, and must be cleaned and maintained 
if maximum efficiency is expected. Rapid ditch digging can be done 
by blade graders, but only at the expense of considerable land, as 
one side of the ditch must lie at a very flat slope. 

On airfields, where drains must run along the sides of runways and 
perimeter tracks, open ditches could not be permitted. In such situa¬ 
tions open drains covered at ground level with pre-cast concrete slabs 
arc probably more efficient and less liable to silting than French 
drains. 
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French Drains 

This is a variation of the method of draining by agricultural tile 
drains. A larger surface area is provided than that presented to the 
ground water by the agricultural pipe. The pipe is laid, with the usual 
open joints, in the bottom of a trench at least 12 in. wider than the 
diameter of the pipe. The trench is then filled with layers of graded 
material which is coarser towards the pipe and finer towards the 
natural soil. Each layer, although coarser than the one above, should 
be sufficiently fine to prevent finer material from being washed through 
the interstices. If the coarse layer underlying the one to be supported 
is called the filter and the other layer the protected layer^ an examination 
of the gradings of these two layers shows whether the filter is suitable. 
Let us call the size of particle below which lies 15 per cent of the 
filter material the /j per cent size. This is the largest diameter of 
particle of the lowest 15 per cent on the grading curve, and is found 
by drawing a horizontal line through the 15 per cent mark on the 
“percentage finer” axis to cut the grading curve (see Fig. 6). It has 
been shown by experiment that a filter is suitable if its 15 per cent size 
is at least four times as large as the 15 per cent size, and not more than 
four times as large as the 85 per cent size, of the protected material. 

Such drains are successful only if the backfill is well graded and 
compacted—conditions not always fulfilled. The pipes may be subject 
to silting unless the open joints are covered in some way to allow of 
the granular filter forming in time a protective arch. They are useful 
in positions where open drains or ditches would be dangerous to 
traffic. 

Interceptor Drains 

If surface and subsoil water is prevented from reaching the area 
over which the water table must be kept at a low level, the drainage 
system on the site can be less elaborate. Interceptor drains at such 
points as A in Figs. 126A and i26b would trap the flow of spring 
water and ensure that drainage systems on the lower slopes would 
deal with surface and subsoil water from local areas only. 

Interceptor drains round a site often run along the contours or along 
the summits of embankments, and may be of considerable length. 
Their function of preventing water from reaching the site, and so 
reducing the cost of the site drainage, is, however, of importance. 

Well Drains 

A thorough examination of the geological conditions may show the 
possibility of removing water by draining it downwards through wells 
or boreholes into pervious strata lying at a lower level. In Fig. i26b, 
for example, a system of vertical boreholes driven through the pervious 
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Stratum P to the pervious stratum S would remove by drainage into S 
much of the water causing springs along the fault line. If wells are to 
be used in this way, the engineer must have a thorough and exact 
knowledge of the geology of the area. Another use of wells and bore¬ 
holes is in the rapid but temporary draw-down of the water table for 
the purpose of building a foundation or other structure below the 
normal water table. Wells of large diameter or ‘‘well-points” of small 
diameter are put down all round the site and pumping is started, 
either with separate pumps for each well or with linked pumping 
units for the whole system. By this means it is possible to lower the 
water table by as much as 15 ft so long as the pumps are running. 
Even greater depths can be reached by multi-stage installations. 

Mole Drains 

Clay is not amenable to drainage, for most of its water is held by 
capillary forces and will not move under gravity. Further, the voids 
in clay are extremely small and there is a high resistance to flow. 

The mole drain method of lowering the water table in clay, although 
previously used, developed rapidly during World War II with the 
abandonment of steam traction and the substitution of track-laying 
tractors. The mole plough is bullet-shaped and is mounted on the end 
of a flat bar which holds it at some distance below ground level. As 
a tractor draws the plough along, a nearly cylindrical channel is 
formed underground. This channel retains its shape for many years if 
it is not subjected to heavy loads, and will remove excess water in the 
clay. A 45- to 50-h.p. track-laying tractor will produce a 3-in. channel 
at a depth of 2 ft, and a 25- to 30-h.p. track-laying tractor will give a 
2•75-in. mole at 18 in. depth. These mole laterals should be drawn 
(in the uphill direction) at about 3- to 5-yard intervals and should 
connect with a main drain or ditch. 

13.4 TEMPORARY CONTROL OF GROUND WATER 

Excavation in soft and unstable material is sometimes rendered very 
difficult by the ineffectiveness of normal drainage methods when 
applied to fine-grained soils. Such soils do not give up moisture under 
ordinary gravitational forces and remain fluid and unmanageable. 
Specialised expedients must be adopted in order to strengthen such 
soil temporarily in order to allow of the completion of the excavation. 

These expedients may be divided into two groups: 

(i) those methods which do not attempt to remove water but 
which strengthen the soil in order to counteract the deleterious 
effect of excessive moisture; 

(ii) electrical means of forcing the moisture out of a fine-grained 
soil. 
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Temporary Stabilisation 

Stabilisation of the material for a length of time sufficient to allow 
of completion of the excavation may be carried out in several ways. 
Some of these methods may produce a material which remains stable 
for a considerable period, but the extra strength is normally developed 
in only a small volume of soil and utilised only for a short period. 

The methods adopted are: 

(i) freezing of the soil; 

(ii) injection of cement grout; 

(hi) production of a silica gel within the voids of the soil. 

The obvious effect of the circulation of low-temperature brine 
through pipes in the soil is to freeze the water in the voids and produce 
a temporarily strong material through which excavation can take 
place. Like other methods described in this section, freezing requires 
considerable plant and is an expensive expedient. Freezing can be 
applied to all types of soil, but is particularly effective in silts. 

Injection of cement grout is successful when the voids in the material 
to be stabilised are sufficiently large to allow penetration. Fine 
materials tend to act as a filter, and even a very liquid grout cannot 
be pumped far into fine material. At the International Conference on 
Soil Mechanics of 1936 Terzaghi showed that if the effective size of 
a compact sand is less than 1*4 mm, or that of a loose sand less than 
0*5 mm, cement grout will be filtered out. 

For fine material (less than about 0-5 mm) the formation of a silica 
gel within the voids of the material produces a stabilised soil of 
adequate strength for the excavation of foundations. The precipitation 
of this gel is carried out by specialist methods and involves the 
pumping into the soil of sodium silicate, followed by a solution of a 
salt such as calcium chloride. In the fine material for which this is 
adapted each perforated pipe, through which the solutions are pumped, 
can serve a cylindrical volume of only about 2 ft diameter. The 
method is expensive, requires many boring pipes set close together, 
and its use is confined to small excavations in coarse and medium 
sands. 

Larger volumes of porous strata may be sealed by the use of silica 
gel, the silicate and chloride solutions being mixed before pumping, 
but prevented from reacting immediately by the addition of a 
restrainer. By the time the reaction commences, the liquid has had 
time to penetrate under pressure to some distance from the injection 
pipe. 
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It is well known that drainage of silts and clays cannot be completely 
accomplished by providing easy gravitational paths for flow of water 
such as are described in Art. 13.3. Water is held back against gravity 
by capillary and frictional forces in the minute voids of fine-grained 
material: under such conditions normal methods of drainage produce 
but little improvement of the soil properties. The drainage of soft silts 
and clays is, however, often a requisite preliminary step in a construc¬ 
tional scheme, and an electrical means of forcing the water out of the 
soil has been tried with some success both experimentally and on a 
large scale. 

If an electric current is passed between two electrodes buried in a 
saturated fine-grained soil, the free water flows towards the cathode. 
If this is made in the form of a porous and hollow metal cylinder, the 
extracted water can be pumped out. 

Soils which exist in the natural state at a moisture content close to 
or over the liquid limit can be forcibly dried by this means to a state 
indicated by the lower ranges of the plasticity index. L. Casagrande^® 
showed by experiment that a fat clay at a liquid limit of 67 could be 
reduced by electro-osmosis to a moisture content of 25 to 40 per cent 
in the short period of 100 hours. The drier results were obtained by 
a close spacing of the electrodes. 

Electro-osmosis is particularly effective in preventing rises in the 
floors of excavations within sheet-pile cofferdams. Very little excess 
hydrostatic pressure is sufficient to cause the “boiling” of soft, nearly 
liquid material unless electrical drying can be adopted. 

13.5 DRAINAGE OF ROADS AND AIRFIELDS 

Success in the construction of roads and runways depends to a large 
extent on the maintenance of the soil in a stable and strong condition. 
The methods of strengthening and stabilising the soil described in 
Chapter 12 can be effective only if excess water is continually removed 
from the site. The drainage of roads and airfields thus constitutes a 
specially important problem in soil mechanics, since the relatively 
shallow foundations are particularly susceptible to seasonal and for¬ 
tuitous changes in moisture content. Most failures of pavements can 
be attributed to faulty drainage. 

Objects of a Road or Airfield Drainage System 

The result to which all sections of the drainage system should 
contribute is the maintenance of a constant and low moisture content 
in the subgrade under and near the road and runway pavements. The 
moisture content should be brought to a suitable value before the 
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pavements are constructed and then maintained at that value. Any 
change, whether increase or decrease, is undesirable. 

The chief danger is that of an increase in moisture content during 
wet weather. This may occur by: 

(i) surface water running on to the road or runway site from 
adjacent land; 

(ii) percolation of surface water through a permeable pavement; 

(iii) rise in the water table and capillary fringe. 

The subgrade is thus attacked from below by the rise of subsoil 
water, from above by the percolation surface water, and laterally by 
flow from both surface and subsoil. The drainage system must be 
designed to anticipate and control these movements. 

Amount and Rate of Flow 

The quantity of water to be disposed of by the drainage system 
must be determined separately for surface run-off and for subsoil flow. 
The calculation of the amount of surface run-off from roads and run¬ 
ways and from the land adjoining is not a Soil Mechanics problem. 
It can be solved by one of the many published methods, which base 
their results directly on rainfall records, or on the Ministry of Health 
formulae, which give probable intensities of rainfall for the British Isles. 

The calculation of the rate of flow through the subsoil is still more 
difficult and the results more problematical. Careful soil investigation 
such as is described in this book, the sketching of flow nets and the 
examination of existing subsoil drainage on the site all give information 
from which an estimation of quantity can be made. 

Surface Water Drainage 

The rainwater falling on land adjacent to the pavements is best 
treated by allowing it to percolate downward to a system of subsoil 
tile or porous concrete drains. 

When the line of the road traverses such an existing system, the flow 
from the agricultural drains must not be allowed to appear as surface 
water on the slopes of the cuttings. A longitudinal interceptor prevents 
the water reaching the site of the pavement. The interceptor is often 
laid at the top of the slope, but if it is placed along the toe the con¬ 
tinuation of the agricultural drains into the cutting assists the stability 
of the slope. 

Subsoil water may also appear as surface water at a line of springs, 
and the flow from these must be trapped by interceptors to prevent 
the flow reaching the pavement site. If springs appear on a line 
transverse to the direction of the road as it traverses a slope, a transverse 
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French drain under the road acts as an interceptor well below the 
level of the pavement. 

The surface water which falls on the running surface of the pave¬ 
ment either runs off almost immediately or percolates through to the 
base and sub-base. Most modern surfaces are highly impermeable, 
and 85 to 100 per cent of the rainfall may be expected as run-off. 
The removal of this water by gullies or catchpits is a subject which 
requires more study: the data for logical design of gully spacing are at 
present insufficient, and reliance must be placed on past practice. 

The surface water which percolates through the running surface, 
although small in amount, may weaken the foundation if allowed to 
reach the subgrade. Weakening is particularly likely if kerbs prevent 
lateral drainage through base and sub-base. The subgrade should be 
protected by an impermeable layer on which lateral flow of percolating 
water may take place. If the sub-base above the impermeable layer is 
made of material chosen for its high permeability, lateral flow of the 
percolating surface water is encouraged. Such permeable sub-bases 
should be uninterrupted and continued laterally beyond the kerbs to 
ensure that the run-off may reach the longitudinal side trenches or 
drains. 

Subsoil Drainage 

The object of subsoil arainage along the line of a road or runway is 
to draw down the water table until both ground water and capillary 
fringe are sufficiently below the upper level of the subgrade to ensure 
that the latter does not suffer softening or frost heave from the effects 
of the presence of excess water. 

The best position for drains of this kind is parallel to and close to 
the sides of the road or runway. They may be open drains or French 
drains, and for runway construction should be covered with a con¬ 
tinuous grating for the protection of traffic. The drain pipes, of open- 
jointed tile or porous concrete, must be placed deeper than the level 
to which the water table is required to be lowered. French or filter 
drams, now commonly used as side drains of roads and runways, 
should be between 4 and 6 ft deep, depending on climatic and soil 
conditions. The capillary rise should end at least a foot beneath the 
pavement. For maximum effect the side drains should be placed close 
to the pavement and just outside its edge. 

When the road is in a cutting, the side drains, acting in conjunction 
with the longitudinal interceptors at the tops of the cutting slopes 
prevent the water table intersecting the surface of the slope and so 
affecting its stability. This function of the longitudinal interceptor 
should not be forgotten, and the pipe should be placed deep enough 
to effect an adequate lowering of the water table down the slope. 
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Subsoil installations, often of the mole drain type, are used over the 
areas of airfields lying between runways. Up to 1939 the whole surface 
of the airfield was commonly used for landing and take off, and the 
surface was required for use in all weathers. With the growing import¬ 
ance of specially constructed runways the necessity for elaborate 
drainage of the areas lying between the runways disappeared. Only 
the agricultural type of subsoil drainage need be laid, and any existing 
drains and ditches incorporated in the scheme. 



CHAPTER 14 


SITE EXPLORATION. SAMPLING AND TESTING 


The preceding chapters deal with the properties of soils, the tests 
necessary to determine them, and the application of the results to 
practical engineering problems. It remains to consider means of 
obtaining information about the soil and of getting samples for identi¬ 
fication and testing. This procedure is known as site investigation^ and 
may vary from the visual examination of soil taken from small test 
pits to an elaborate soil survey involving numerous deep boreholes. The 
Code of Practice “Site Investigations”*’ summarises the information 
which it is desirable to obtain, and describes the methods used for 
procuring it. 


14.1 SITE INVESTIGATIONS 

Site investigations may be classified thus: 

(i) investigation of sites for new works; 

(ii) investigation of the stability or of the causes of failure of 
existing works; 

(iii) investigation of the suitability of natural material for engin¬ 
eering purposes, e.g. material for roads or embankments. 

Investigation of Sites for New Works 
Sites may be subdivided into: 

(i) compact or area sites, such as sites for buildings, bridges or 
dams; 

(ii) extended or linear sites, such as routes for railways, roads or 
canals. 

In the first type of site the area of ground to be investigated is 
usually well defined, though sometimes it may be possible to examine 
alternative sites. In the extended type of site investigation, such as for 
a road or railway, the soil conditions on alternative locations may 
have a considerable influence on the final selection of the route. 

The extent of the investigation which should be undertaken for a 
particular project depends on a number of factors, including: 

(i) the size, type and importance of the proposed works; 

(ii) information already available regarding the nature and vari¬ 
ability of the soil; 

(iii) time available for the investigation; 

(iv) cost of site investigation in relation to cost of works. 
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For example, if the soil strata are known to be good from the engin¬ 
eering point of view, and fairly uniform over a large area and to a 
considerable depth, a minimum of site investigation will be necessary. 
On the other hand, variable strata and the presence of “difficult” soils 
will necessitate a more detailed survey. Soils which are likely to cause 
trouble include peat and soft clays (low shear strength and high com¬ 
pressibility), silts (low strength and susceptibility to frost action), and 
fine sands (liability to exhibit quicksand properties). The cost of the 
investigation must be weighed against the probable saving in the cost 
of the foundation, but it should be borne in mind that even lavish 
expenditure on foundations to make up for ignorance of the soil pro¬ 
perties will not ensure safety if an unsuitable type of design has been 
adopted. Money spent on site investigation is usually money well 
spent. The decision as to the extent and nature of the site investigation 
necessary must depend to a very large extent upon the judgment and 
experience of the engineer. 

The information to be sought for in any site exploration includes 
the following: 

(i) the nature, thickness and dip of all soil strata in the region 
likely to be affected by the proposed work; 

(ii) the properties of the various soils occurring in this region, 
e.g. the density, natural moisture content, shear strength and 
compressibili ty; 

(iii) the ground-water level and seasonal variations. 

In order to obtain this information an adequate number of samples 
of soil must be taken for identification and for field and laboratory 
testing. 

As a guide to the depth to which the exploration should be carried 
it should be remembered that the pressure bulb for one-fifth of the 
contact pressure imposed by a circular loaded area is theoretically 
1*5 times the diameter of the loaded area and that adjacent loaded 
areas have a cumulative effect (Fig. lOo). Sometimes the existence of 
solid rock at a depth less than this will obviate the necessity of deeper 
exploration. On the other hand, the presence of soft soil at this level 
may necessitate penetrating to a greater depth. For example, in ex¬ 
ploring a compressible stratum it is desirable to ascertain its total 
thickness and whether or not lower strata are permeable. Other factors 
which should be taken into consideration in deciding upon the depth 
of exploration are the seasonal limits of ground-water level, the likely 
depth to which frost may penetrate, and the known or suspected 
presence of mines or other underground workings. 
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Stability Investigations 

The necessity for this type of investigation arises when failure occurs 
or is threatened, the cause being attributable to the soil. Familiar 
instances are embankments or cuttings which slip or show signs of 
imminent slipping, structures which develop cracks from uneven 
settlement, and roads which disintegrate on account of failure of the 
foundations. In the same category should be included investigations of 
the stability of existing buildings which at present show no signs of 
incipient failure but are likely to be affected by proposed excavations 
or other engineering works in the vicinity. In site investigations of this 
type the examination of the soil and the procuring of samples often 
present great difficulty. 

14.2 PRELIMINARY INFORMATION 

Before carrying out the actual site investigation, as much information 
as possible should be obtained about the geological formation, the 
properties of the soil on the site, and the ground-water levels. Such 
data are often available from the local authority or from engineers 
who have carried out work in the neighbourhood. Sometimes records 
of previous borings can be consulted. 

Geological Maps 

Details of the geological formation can be obtained from geological 
maps. In this country these maps are published on a scale of i in. to 
I mile, and there are also 6 in. to i mile geological maps covering 
certain districts. Further geological data regarding particular areas 
can often be obtained from the Geological Survey and Museum, South 
Kensington. 

Climatic Conditions 

Since moisture plays such an important part in all soil studies, it is 
essential to collect as much preliminary information as possible about 
the climatic conditions, especially in countries in which considerable 
variations occur. Data should be sought regarding ground-water levels, 
liability to flood, depth of penetration of frost, amount and seasonal 
distributions of rainfall, etc. 

In this country very complete meteorological records are maintained, 
and all necessary information can be obtained from the Meteorological 
Office, Air Ministry. 

Information regarding tidal conditions in most of the world’s navi¬ 
gable waterways is published by the Hydrographic Department of the 
Admiralty. 
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Air Photography 

The principal use of air photography is in map-making, but it has 
also been extensively used as a means of identification of natural and 
artificial features for military purposes. This indicates a possible 
application in the field of Soil Mechanics. 

For classification of soils from air photographs some knowledge of 
physical geography and geology is necessary. Further, experience in 
the interpretation of the tones of the photographic image must be 
gained. The tone of a soil formation depends on the direction of the 
incident light and also varies with the texture and moisture content 
of the material, and when the surface of the ground has been disturbed 
its texture will remain different from that of the surrounding land. 
This has been a vital factor in archaeological exploration from the air. 
Tracks and foundation lines, long since rendered invisible on the 
ground, show up clearly on air photographs. A ready means is thus 
available for the detection of areas of made-up or disturbed ground as 
a first step towards more localised and detailed inspection. 

Broad geological features are easily identified on air photographs. 
The photo-geologist determines the directions of faults and dykes and 
the presence of mineral veins, and by skilled deduction and inference 
from the photo-cover of a whole area may extract much additional 
information. 

When the precise identification of soil types is in question, caution 
must be exercised. The surest method of general stratigraphical 
classification is by the study of vegetation and land form. The latter 
generally indicates the age of the formation, and the type of soil 
resulting from the disintegration of the geological structure is closely 
related to the vegetation. Much photographic interpretation of this 
kind has been carried out in the U.S.A., particularly by the Soil 
Conservation Service, and it has become a standard procedure to 
make an inventory of physical land factors such as soil type, land 
slope, gradient, degree of erosion and present land use. 

The smallest scale of air photography which allows of broad inter¬ 
pretation of soil conditions is i /20,ooo, but the information to be 
extracted at this scale is limited unless the photographs are viewed 
stereoscopically. Subsequently, for detailed examination of particular 
sites, a larger scale of photograph is required, and this should be used 
in conjunction with ground inspection. 

14.3 SAMPLING OF SOIL 

As we have seen in previous chapters, certain tests such as those 
for density, shear strength and compressibility require undisturbed 
samples, in which the original structure of the soil is preserved. In 
cohesive soil such samples are not difficult to procure. Sampling tools 
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for this purpose consist of a tube provided with a cutting edge which 
is forced into the soil and then withdrawn. 

Disturbed samples arc, of course, much more easily obtained, and 
are quite suitable for simple field identification, mechanical analysis 
and determination of natural moisture content and index properties. 

Means of Access for Examination and Sampling 

The usual methods for obtaining samples are: 

(i) trial pits, suitable for shallow investigations; 

(ii) boreholes, suitable for deep explorations; and 

(iii) headings, used chiefly in mining and tunnelling operations. 

For examining the soil and taking samples the test pit is the most 
convenient. If more than 4 or 5 ft deep, timbering is usually required, 
and in water-bearing strata sheet piling may be necessary. 

The cost of test pits increases very rapidly as the depth increases, 
and the use of boreholes becomes necessary when samples are required 
from depths of more than a few feet. In soft soils the hand-operated post 
hole auger is useful for depths not exceeding 20 ft. If necessary the 
borehole may be lined with tubes to prevent the sides from caving in. 
For larger and deeper boreholes, well-boring apparatus is used, and 
the work is usually carried out by firms which specialise in this type 
of work. Details of boring and sampling equipment are given in a 
paper by Harding.®^ 

Sampling Tubes or Core-cutters 

Specimens for the unconfined compression test are taken with a 
sampling tube 1*5 in. internal diameter and about 6 in. long. By 
means of a slot and bayonet catch the sampler fits on to an adaptor 
which can be screwed either on to the handle or on to the extension 
rod of an earth auger. Samples can be taken either in a test pit or 
from a borehole made by the earth auger. The test is usually carried 
out on the site, and the specimen is extracted and trimmed for testing 
as explained on p. 116. 

For other tests on cohesive soil, undisturbed samples of at least 4 in. 
diameter and 18 in. long are required, from which test specimens can 
be cut in the laboratory. Fig. 138 shows a sampling tube suitable for 
use in a deep borehole. It is fitted with a cutting edge, the inner 
diameter of which is slightly less than the inner diameter of the tube. 
This allows for slight expansion of the soil as it enters the tube. A 
smooth, well-greased inner surface also helps to reduce the friction 
and so minimise disturbance of the structure of the soil. Similarly, to 
facilitate driving, the outer diameter of the cutting nose is slightly 
greater than that of the body of the tube, but the difference must not 
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be 80 great sw to cause difficulty in withdrawing the tube. The non* 
return valve at the top allows air to escape as the sampler is being 
forced into the soil, and helps to retain the core as the sampler is being 
raised. In this design the cutting nose and the driving head are detach¬ 
able. The body of the sampler can then be used as a container for the 
sample until it reaches the laboratory. Where a large number of 
samples is to be obtained, the samples are removed from the sampler 
by means of a screw-operated extractor 
on the site, so that the samplers can be 
used repeatedly. The samples are 
packed as described below for trans¬ 
mission to the laboratory. 

An important point in the design of 
a sampling tube is the area ratioy which 
is the ratio of the volume of soil dis¬ 
placed by the sampler to that of the 
sample itself. Referring to Fig. 138, 
the area ratio may be expressed as 
D *-Z) * 

should be kept to 

a minimum consistent with adequate 
strength. A well-designed sampler has 
an area ratio of about twenty-five per 
cent. 

The extraction of undisturbed sam¬ 
ples of sandy soil presents considerable 
difficulty. A device for this purpose 
has been developed by Bishop.’^ It is 
claimed that samples can be obtained 
from which the properties of the soil in 
its undisturbed state can be measured 
with fair accuracy. 

Shallow Sampling 

Disturbed samples are easily dug from the sides or bottom of the pit. 
In clay undisturbed samples can be dug out carefully with a spade, 
but a better method is to use a core-cutter of the type described 
on p. 51. 

The i*5-in. diameter tube for unconfined compression samples may 
be used in the same manner as the larger sampling tube, or it may 
be fitted to the handle of the earth auger and pushed slowly into 
the clay. When far enough in it is slightly rotated and then carefully 
withdrawn. 

It is sometimes necessary to determine the California Bearing Ratio 



Fig. 138.—Sampling Tube 
FOR Deep Boreholes. 
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of undisturbed soil. To obtain the sample the CBR mould is used, 
with a cutting ring fitted underneath. 

For non-cohesive soil, a sampling tube or box open at the top and 
bottom is pushed down, and the surrounding soil removed as before. 
The sand is levelled off and a cover plate put on. A trowel is intro¬ 
duced underneath the box and the latter is lifted out and reversed. 
The sand is again levelled off and the bottom cover put on. 

A modification of this method is useful for cohesive soil which con¬ 
tains gravel, when it is often difficult to push the ordinary sampling 
tube down without seriously disturbing the core. The method is to dig 
out the soil so as to leave a column of undisturbed soil standing in 
the middle of the excavation, slightly smaller than the sampling tube 
or box which is to be used. The receptacle is placed over the sample, 
and the spaces between the soil and the walls carefully packed with 
damp sand. The ends are similarly packed with sand if necessary 
before fixing the cap aaid base. 

Handling of Samples 

The large undisturbed samples or cores must be adequately pro¬ 
tected against change of moisture content and damage in transit. 
When the sample is to be retained in the tube, all that is necessary is 
to protect the exposed ends. This is effected by applying several 
layers of molten paraffin wax with a brush. For porous soil a layer of 
waxed paper should be placed on the end first. A cover or lid 
should be placed on each end of the tube and sealed with adhesive 
tape. 

When the sampling tube is required for further use on the site, the 
sample is removed by means of an extractor, consisting of a vice to 
hold the tube and a screw jack which forces a wooden dolly through 
the tube, pushing the sample out. The sample is coated all over with 
several layers of paraffin wax and then placed in a tin, tightly packed 
with sawdust or other suitable material to prevent damage. The lid of 
the tin should be sealed ^vith adhesive tape. 

Disturbed samples should be placed in tins or glass jars with air¬ 
tight lids. If the air space is kept small, the samples will maintain their 
natural moisture content for several days. 

A careful record should be kept of all samples taken, indicating 
position on plan, depth and any other relevant data. Numbers corre¬ 
sponding to this record should be painted on the containers, and a 
label should be placed inside each. In the case of undisturbed cores 
the top and bottom should be indicated. Samples should be kept in 
the airtight containers in a cool, humid atmosphere until ready for 
testing, which should be carried out with the minimum of delay. 
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14.4 SOIL TESTING 

In the earlier chapters of this book a number of the soil tests in 
general use have been described. The object of these tests is to obtain 
the information about the composition and properties of the soil which 
is essential to the engineer in formulating his designs and in carrying 
out his works. In the present article it is proposed to summarise 
the principal tests and to discuss their application to engineering 
works. 


Summary of Soil Tests 

It is convenient to group soil tests under the following three headings: 

(i) classification and identification tests; 

(ii) tests for engineering properties; 

(iii) special tests used in road and airfield construction. 

In the first group we have mechanical analysis for the determination 
of the particle-size distribution of the soil. This test is insufficient in 
the case of fine-grained soils to provide all the information necessary 
for definite classification, and must therefore be supplemented by the 
index tests (liquid and plastic limits). In this group should also be 
placed the tests for the specific gravity of the par deles and for the 
bulk density and moisture content of the soil. 

Next come the tests for what may be termed the engineering pro¬ 
perties of soils, e.g. shear strength, compressibility, etc. 

In the third group are the special tests devised for the subgrades of 
roads and airfields. Certain of these, such as the California Bearing 
Rado test, are of a comparative nature, no fundamental property 
being measured directly. The Modulus of Subgrade Reaction test is 
included in this group, as, although it is in principle merely a special 
form of the familiar loading test, the soil property measured is really 
an empirical constant required for Westergaard’s theory of pavement 
thicknesses. 

Most of the classificadon and identification tests have been standar¬ 
dised, and full instruedons are published in B.S. 1377.*® Procedures 
for certain tests on stabilised soil are described in B.S. 1924.’’ The 
Code of Practice “Site Invesdgation” gives further instructions on soil 
tesdng.^’ Similar standard tests are in use in the U.S.A., and the 
detailed procedure is published by the American Society for Testing 
Materials.^® Full descriptions of the apparatus and procedure for many 
types of laboratory test are given by Lambe®* (U.S.A.) and Akroyd®’ 
(Great Britain). 

A summary of the principal soil tests is given in Table 29. 
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TABLE 29 

Summary of Soil Tests 


TEST 

PURPOSE 

ARTICLE 

REFERENCE 

Classification and 

Identification Tests 



I. Specific gravity of soil 

Necessary for wet analysis 

4.2 

particles 



2. Mechanical Analysis 



(a) Sieving 

For determination of particle-size 

3.5 

(b) Wet analysis— 

distribution 


pipette method 



(c) Wet analysis—hy- 



drometer method 



3. Moisture Ck>ntent 



(a) Ordinary method 

Normal laboratory method 

4.1 

(b) Pycnometer method 

For use in field—specific gravity of 

4.2 

particles must be known 


4. Density 



(a) Undisturbed sample 

Only practicable for cohesive soil 

4-2 

(b) Sand bottle 

For any type of soil 


5. Consistency Limits 



(a) Liquid limit 

For soil classification and pre- 

4.3 

(b) Plastic limit 

(c) Shrinkage limit 

liminary indication of properties 


Tests for Engineering 

Properties 



6. Consolidation 

Determination of compressibility 

5'’ 

((Edometer) Test 


7. Shearing Strength 

For investigation of stability of 



foundations, slopes, retaining 
walls, etc. 


(a) Shear box 

May be used either for “un¬ 

6.4 

drained” or “drained” tests, and 
for any type of soil 



(b) Unconfined 

For cohesive soil only—gives “un¬ 

6.5 

compression 

drained” shear strength 


(c) Triaxial 1 

Gives shear strength when subjected 

6-5 

compression 

to lateral pressure 


(d) Vane | 

In situ shear strength of clays 

6-4 

8. Permeability 



(a) Constant head \ 

Suitable only for relatively per¬ 

4.6 

(b) Variable head j 

meable soils 

(c) (Edometer 

Indirect method for clays 

5-4 

! 

9. Loading Tests j 



(a) Loaded plate 

Field tests for safe bearing pressure 

9-3 

(b) Loaded pile 

1 

i 

1 

and compressibility. May give mis¬ 
leading results unless care is taken 
in interpretation 

"•4 
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TEST 

PURPOSE 

ARTICLE 

REFERENCE 

Special Tests used in Road and 
Airfield Construction 

10. Standard Compaction 
Test 

Determination of optimum mois¬ 
ture content for maximum density 

I2.I 

11. Plasticity Needle 

For testing moisture content at 
which compaction is carried out 
in the field 

12.1 

12. California Bearing 

Ratio 

Determination of bearing capacity 
of subgrade or base course 
material 

12.3 

13. Modulus of Subgrade 
Reaction 

For use in Westergaard’s method of 
designing thickness of pavement 
slabs 

12.3 


Procedures for Tests 1-4, 5 (a) and (b), and 10 are given in B.S. 1377/® 


Field Tests 

A number of the tests referred to in the summary are essentially 
laboratory tests, requiring fairly elaborate apparatus and experienced 
operators. Other tests are carried out in the field, and therefore may 
be regarded as part of the procedure for site investigation. Examples 
of field tests are: 

(i) in situ tests: loading tests (including the determination of the 
Modulus of Subgrade Reaction and GBR), penetradon tests; 

(ii) tests using portable apparatus: simple field identification 
tests, density determination, unconfined compression. 

Penetration tests are often used to determine the properties of soil 
in situ. In the American “standard penetration test” described by 
Terzaghi and Peck,® a sampling spoon of standard design is driven into 
the soil at the bottom of a borehole by blows from a drop weight. 
From the number of blows to produce a specified penetration, the 
density and compressibility of the soil are estimated. 

A penetration test extensively used in Holland and Belgium is that 
known as “deep-sounding.”’® It is particularly suitable for the design of 
pile foundations in the type of soil profile common in those countries— 
layers of peat and soft clay alternating with strata of sand which 
provide support for the piles. The apparatus consists essentially of a 
cone of 10 cm* base area at the end of a rod wliich is guided through 
a steel tube. The cone is first pushed into the soil about 10 cm by means 
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of a jack, then the tube is forced down carrying with it the cone. 
The resistance to penetration is measured by a hydraulic device. The 
resistance*of the cone is a measure of the bearing capacity of the soil, 
from which the toe resistance of a pile can be estimated. The difference 
between the resistance of the cone and that of cone and tube together 
is a measure of the skin friction. Fig. 139 shows typical records of the 
cone resistance and total resistance for a sounding test. 


Cone JlesJstanc^ » To^o/ F/’/chona/ Fes/'j^ernce —► 

on Soi/nof/rty 7I/Se 



Fig. 139. 


In mobile laboratories developed by the Road Research Laboratory 
for use by the Army and R.A.F. for the testing of soils on airfield sites, 
apparatus for moisture content density, index limits, mechanical ana¬ 
lysis, unconfined compression, standard compaction and California 
Bearing Ratio are included. It is possible that this form of technique 
may be further developed in the future, leaving only the longer and 
more elaborate tests to be carried out in stationary laboratories. 

Interpretation of Soil Mechanics Tests 

The interpretation of the Soil Mechanics tests described in these 
chapters requires considerable care and experience. In particular, the 
wide variations which occur even over a small area must be taken 
into account. The results of single tests are often misleading, and 
wherever practicable soil properties should be evaluated from a suffi¬ 
cient number of determinations to present a representative statistical 
average. 

When adequate testing and careful interpretation are allied with 
experience, the behaviour of soils under load becomes much less 
problematical. The civil engineer can then design with more assurance 
than in the past and advance to newer techniques and constructional 
methods with the confidence engendered by fundamental study of the 
soil and its reaction to applied loads. 
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Specification for materials, 244 
Active pressure, 122 

cohesionless soils, 124 
cohesive soils, 136 
Adsorbed moisture, 49 
dElotropic soil, 277 
Agricultural drains, 283 
Air photography, 295 
Airfields, 25, 35, 236, 288 
Analysis, hydrometer, 43 
mechanical, 37 
pipette, 43 
wet, 39, 41, 43 
Anchored bulkheads, 152 
free-earth support, 152 
fixed-earth support, 154 

graphical integration 
method, 154 

equivalent beam method, 

155 

Angle of friction, 105 
of repose, 106 
of shearing resistance, 98 
Anisotropic soil, 277, 278 
Arching, 150 
Area ratio, 297 
A.S.T.M. specification, 246 
Atterberg limits, 56 


ISases, mechanically stable, 246 
Bearing area, influence of size and 
depth, 208 

Bearing capacity coefficients, 195 
of groups of piles, 234 
ultimate, 193, 201 
piles, 227 

pressure, allowable, 221 
safe, 176, 201 
ultimate, 194, 201 

Bell’s theory, 23, 136, 146, 194, 200 
Benebenq’s formula, 231 
Bishop, 163, 297 
Bitumen stabilisation, 249 
cut-back, 249 
Bituminous emulsion, 249 
Boussinesq’s theory, 180, 206, 258 


British Standard for Tests on Stabil¬ 
ised Soil, 299 

for Glassification and Com¬ 
paction Tests, 299 
Bulb of pressure, 190, 235 
Bulkheads, anchored, 152 
Bulking of sand, 55 


CZ'Alifornia bearing ratio, 255, 259, 

299 

Cantilever sheet piling, 151 
Capillary fringe, 265 

water absorption test, 251 
Gasagrande, A., 35, 58, 84 
Gasagrande, L., 288 
Cement, injection of, 287 
stabilisation, 247 
China clay, 31 

Circle of Stress, Mohr’s, 24, 98, 124, 

143 

Circular load, pressure under, 191 
Glassification of particle sizes, 37 
of problems, 22 
of soil types, 32, 33 
of soils, 20, 28, 30 

Gasagrande’s System, 34 
U.S. Engineers’, 35 
U.S. Public Roads, 35, 36 
Clay, boulder, 31 

characteristics of, 31 
china, 31 
fissured, 31 
intact, 31 
sedimentary, 31 
sensitive, no 

shear strength of, 106, 110 
Climate, effect of, 29, 294 
Coarse-grained soils, 30, 97 
Code of Practice for site investiga¬ 
tion, 34, 292, 299 
for earth-retaining struc¬ 
tures, 135, 140 

Coefficients, active earth pressure, 123 
bearing capacity, 195 
cohesion, 106 

compressibility, 83, 92, 95, 210 
consolidation, 79, 86, 88, 94, 211 
earth pressure at rest, 123 
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Coefficients, passive earth pressure, 
123 

permeability, 71, 86, 278 
volume decrease, 83 
Cohesion, 98 
apparent, 98 

Cohesionless soil, active pressure, 124 
passive resistance, 141 
Cohesive soil, active pressure, 136 
cracks in, 141, 161 
passive resistance, 146 
shear strength, 106, 109 
slip surface for, 159, 197 
Swedish method for, 161 
Cohesive-frictional soil, 97, 109, 163 
Compacting equipment, 242 
Compaction, 237 

effect on soil properties, 241 
heavy, 239 
in the field, 242 
relative, 240 
standard test, 238 

Compressibility, measurement of, 80 
coefficient of, 83, 92, 95, 210 

Compression index7'93— -— 

repeated, 84 
secondary, 89 
triaxial, 116 
unconfined, 113 
Compressive deformation, 78 
Concrete, lean-mix rolled, 248 
Cone penetration test, 119 
Conjugate stresses, 102, 127 
Consistency limits, 56 
Consolidated-undrained shear test, 
104, 108 

Consolidation, 79, 205 

coefficient of, 79;^.Sfi5“SSA_24^ 211 
degree of, 86, 89^ 
effective load producing, 212 
numerical example, 92, 213 
rate of, 85 
secondary, 89 
test, 80, 92, 210 
theory of, 87 

Constant head permeameter, 72 
Constant-rate-of-strain shear box, 111 
Contact pressure, 177 
Core-cutter, 51, 296 
Corrections to hydrometer readings, 
45 

Coulomb’s wedge theory, 127, 138 
law, 23, 98 

Counterfort drains, 174 
Cracks, tension, 141, 161 


Critical hydraulic gradient, 75 
slip surface, 165 

Culmann’s construction for earth 
pressure, 133 
Cut-back bitumen, 249 

Darcy’s law, 70, 87, 268 L 
Deep-sounding apparatus, 119, 230, 
301 

Deformation, compressive, 78 
elastic, 77 
plastic, 77 
problems of, 21 
under shear, 119 
Density, 50 

and void ratio, 54 
bulk, 50 
dry, 51, 238 
measurement of, 31 
moisture relationship, 31 
submerged, 54 
Depth of foundations, 201 
Design of foundations, 201 
pavement thickness, 253 
structures to resist settlement, 222 
Diameter, effective, 40 
Dilatancy, 32 
Disintegration of soil, 29 
Dispersing agent, 43, 45 
Distribution, contact pressure, 178 
equilibrium moisture, 64 
particle size, 45 

Drainage, amount and rate of, 289 
geological aspects, 265 
of roads and airfields, 288 
of slopes, 174 
problems, 264 
surface water, 174, 289 
Drained shear test, 104, 109 
Drains, agricultural, 283 
counterfort, 174 
French, 285 
interceptor, 285 
mole, 286 
open, 284 
subsoil, 290 

surface water, 174, 289 
well, 285 

Drawdown, sudden, 172, 277 
Dynamic pile-driving formulae, 228 

Earth pressure, 23, 122 
active, 122, 124, 136 
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at rest, 123 
passive, 122, 145, 149 
Effective diameter, 40 
normal stress, 105 
pressure, 49, 61 
size, 47 

Elastic deformation, 77 
Electro-osmosis, 288 
Equilibrium, problems of, 21 
Equilibrium moisture content, 65 
distribution, 64 

from soil suction, 65 
from void ratio, 69 
Equipotential lines, 269 
Equivalent single wheel load, 254 
Erosion, 29, 280 
Expansion index, 83 


Factor of safety for slopes, 162 
Fadum’s chart, 184, 185 
Failure, compression, 121 
of foundations, 191, 202 
of slopes, 158 
plaistic, 194 
shear, 119 

Fellenius* method for foundations, 

197 

for stability of slopes, 166 
Field tests, 32, 73, 301 
Fine-grained soils, 31, 97 
Fissured clay, 31 
Flexible footings, 178 
walls, 154 

Floating piles, 225, 227 
Flow curve, 58 
nets, 268 

by relaxation, 271 
for anisotropic soil, 278 
sketching, 271 
through dams, 275 
use of, 274 
Footings, 176 
flexible, 178 
rigid, 178 

Formation of soils, 30 
Formulae, pile-driving, 228 
Foundations, 24, 176, 201, 224 
area and shape, 202 
bulb of pressure, 190 
depth of, 201 
design of, 201 
effect of stiffness, 178 
failure of, 191, 202 
Fellenius* method, 197 


Foundations, influence charts, 185 
load factor, 202 
material, 176 
piled, 225 
settlement of, 204 
stability of, 176 
stresses, 180 

Fox, method of pavement design, 258 
French drains, 285 
Friction, internal, 97 
wall, 135 

Friction-circle n^thod, 144, 147, 164 
Frog-rammer, 242 
Frost, 76, 287 
boil, 77 
heave, 76 


CjTeological maps, 294 
origins, 28 
Survey, 294 
Geotechnique, 27 

Glossop and Colder, method of 
pavement design, 257 
Colder, 26, 112, 257 
Grading, 246, 248, 250 
curves, 46 
Gravel, 32 
roads, 246 

Gravitational moisture, 48 
Ground water, 48 

control of, 286 

effect on stability of slopes. 

170 

Group index, 255 

Groups of piles, bearing capacity, 234 


FIeld water, 48 

Hencky’s method, 194 

Henry, 152 

Historical survey, 23 

HouseFs perimeter-shear theory, 208 

Hvorslev’s theory, 106 

Hydraulic gradient, critical, 75 

Hydrodynamic excess pressure, 85 

Hydrometer, 43 


I.G.A.O. Glassification, 256 
Identification of soils 20, 32 
Immediate shear test, 104, 107 
settlement, 207 
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Index, group, 255 
liquidity, 57 
compression and expansion, 83 
method of pavement design, 255 
plasticity, 57 
runway loading, 256 
Indirect measurement of shear, 113 
Influence charts for foundations, 185 
factors for foundations, 181, 191 
Interceptor drains, 285 
Internal erosion, 280 
friction, 97 

Interpretation of soil tests, 233, 302 
Investigation, site, 225, 292 
stability, 160, 294 

Jenkin, 24 

Krey, 26 

Laplace equation, 268 
Laterite, 31 
Leaching of soils, 29 
Lean-mix rolled concrete, 248 
Limits of consistency, 56 
Liquid limit, 56, 58 
Liquidity index, 57, no 
Load factor, 202 

Load/deformation curves, 79, 118 
Loading tests, 198 

estimation of settlement 
from, 208 
on piles, 231 
Loess, 30 

M .LT. Glassification, 37 
Markwick, 248 
Mechanical analysis, 37, 39 
stabilisation, 246 
Meyerhof, 196, 230 
Mindlin, 191 
Mining subsidence, 216 
Mix-in-place stabilisation, 252 
Modulus of elasticity, 181, 207, 263 
of subgrade reaction, 262, 299 
Mohr’s stress circle, 24, 98 

for active earth pres¬ 
sure, 125, 137 
for passive earth re¬ 
sistance, 142, 146 
for shear tests, 104, 107, 
114, 116 


Moisture, adsorbed, 49 
capillary, 48 
content, 49 
gravitational, 48 
optimum content, 239 
Moisture/density relationship, 240 
Mole drains, 286 


Nbu™.. pressure, 60 
Newmark’s influence chart for foun¬ 
dations, 185 

Normal stress, variation of, 100 


Oedometer, 80 
Oil, stabilising, 250 
Optimum moisture content, 239 
Organic soils, 31 
Osmosis, 288 

Overconsolidated soils, 83 


Iackshaw, 135 
Particle size, classification, 37 
distribution curves, 46 
Passive resistance, 122 

cohesionless soil, 141 
cohesive soil, 146 
Pavement, 236 
thickness, 253 
Peat, 31 

Penetration tests, 113, 118, 301 

deep-sounding, 119, 230, 301 
standard, 301 
Perimeter-shear, 208 
Permeability, 70, 275 

coefficient of, 71, 86, 277 
in-situ, 73 

measurement of, 71 
ranges, 71 

variation with depth, 277 
Permeameters, 71 
0-circle method, 164 
0=0 assumption, 160, 161, 200 
Pile foundations, 225 

pressure bulb under, 235 
Pile-driving formulae, 228 
Piles, 224 

groups of, 234 
sheet, 151 
test loads on, 229 
Pipette method of wet analysis, 43 
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Piping, 280 ___— 

Plant-mix stabilisation, 252 
Plastic deformation, 78 

failure of foundations, 194 
liinit, 56, 59 
Plasticity index, 57 
chart, 35 
needle, 244 

Pneumatic-tyred rollers, 242 
Poisson’s ratio, 181, 207 
Pore-pressure parameters, 63 
Pore-water pressure, 49, 61, 63 
Porosity, 49 

Prandtl’s bearing pressure theory, 194 
Pre-consolidation, 83 
Prediction of settlement, 206 
Pressure, active, 122, 124, 136 
contact, 177 
effective, 60 

hydrodynamic excess, 85 
neutral, 60 

passive, 122, 141, 146 
pore-water, 61 
safe bearing, 176, 203 
under circular load, 190 
under strip load, 188 
vertical under loaded area, 182 
Pressure bulb, 190, 235 
Pressure/void ratio relation, 68, 81 
Problems, classification of, 22 
of deformation, 21 
of stability, 21, 294 
Proctor test, 238 
Pycnometer, 53 

C^uiCKSAND, 75 
Quick shear test, 104 

RlAnkine, theory of depth of foun¬ 
dations, 193 

theory of earth pressure, 23, 
124, 141 

Rate of consolidation, 85 
of settlement, 206, 211 
Rebhann’s construction for earth 
pressure, 132 
Recompression, 84 
Relaxation method for flow nets, 271 
Remedial measures for settlement, 223 
for slips, 172 

Remoulded clay, strength of, no 
Remoulding, 85 
loss, no 


Residual soil, 29 
Resin stabilisation, 251 
Resistance, shearing, 97 
passive, 122, 141, 146 
Retaining walls, 122 
Roads, 24, 236 
Rollers, 242 
Rotational slips, 160 
Rowe, 157 

Runway loading index, 256 
Runways, 236 


Samples, handling of, 298 
Sampling, 295 
shallow, 297 
tubes, 51, 116, 296 
Samsioe, 278 
Sand bottle, 51 
bulking of, 55 
characteristics of, 32 
shear strength of, 106 
Sand-mix stabilisation, 250 
Saturation, 54, 238 
Sedimentary clay, 31 
Sedimentation times, 42 
Seepage, 267 
Sensitivity, no 

Settlement, caused by moving loads, 
216 

caused by static loads, 205 
caused by undermining, 216 
damage caused by, 220 
due to consolidation, 205 
from consolidation tests, 210, 213 
from loading tests, 208 
immediate, 205, 207 
influence of size of bearing area, 
208 

lines of equal, 213 
magnitude of, 210, 213 
numerical example, 213 
of foundations, 204 
practical considerations, 212 
problems, 219 
prediction of, 206 
preventive measures, 220 
rate of, 206, 211, 216 
remedial measures, 222 
types of, 205 
Shear box, 26, in, 119 

constant-rate-of-strain, 111 
strength, 97, 256 

direct measurement of, in 
indirect measurement of, 113 
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Shear strength of c-cp soil, 109 
of remoulded clay, no 
of sand, 106 
of saturated clay, 106 
variation with depth, 111 
stress, variations of, 100 
tests, 103, III, 113 
conditions of, 104 
consolidated-undrained, 104, 
108 

drained, 104, 109 
undrained, 104, 107 
Shearing resistance, angle of, 98 
Sheepsfoot rollers, 242 
Sheet piling, cantilever, 151 
anchored, 152 
Shrinkage limit, 56, 60 
ratio, 57 
Sieving, 39 
Silica gel, 287 
Silt, 31,32 

Site investigation, 225, 292 
operations, 252 
Skempton, 196, 200, 207 
Slip surface, location of, 165 

methods for foundations, 197 
rotational, 150 
timbered trenches, 149 
Slopes, stability of, 158 
Smooth-tyred rollers, 242 
Soil, 19, 30 

aelotropic, 277 
anisotropic, 277, 278 
characteristics of, 31 
classification of, 30, 32 
coarse-grained, 30, 97 
cohesive-frictional, 97 
fine-grained, 31, 97 
formation of, 30 
identification of, 32 
main classes, 30 
Mechanics, definition of, 19 
moisture, 48 
organic, 31 
over consolidated, 83 
saturated, 54 
suction, 49, 64 
testing, 26, 299 
tests, summary of, 299, 300 
Soil-cement, 247, 248 
Specific gravity, 52 
Stabilisation, 245 

site operations, 252 
temporary, 287 
Stabilising oil, 251 
Stability curves, 166 


Stability investigation, 159, 294 
number, sheet piles, 157 
slopes, 167, 169 
of foundations, 176 
of slopes, 23, 158 
example on, 169 
problems of, 21 

Static pile-driving formulae, 230 
Stokes’ law, 41 

Stress analogy for flow nets, 268 

distribution under circular load, 
190 

under concentrated load, 180 
under loaded area, 182 
under strip load, 188 
variation of normal, 100 
Strip load, stresses under, 188 
Sub-base, 236 
Subgrade, 236 

mechanically stable, 246 
reaction, modulus of, 262, 299 
Subsidence, mining, 216 

design of structures to resist, 
222 

remedial measures, 223 
Subsoil drainage, 288 
Swedish method for slopes, 160 


Taylor, 90, 159, 165, 169 
Taylor’s curves, 167, 169 
Temporary control of ground water, 
286 

stabilisation, 287 
Tension cracks, 138, 161 
Terzaghi, 27, 79, 80, 158, 195, 209. 

213, 280, 301 
Test loads on piles, 231 
pits, 199 

Testing of soils, 26, 299 
Tests, interpretation of, 233, 302 
summary of, 299 
Thixotropy, in 
Till, 30 

Timbered trenches, 149 
Time/compression curve, 81 
Time factor, 86, 89 
Track-laying tractors, 242 
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